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PREFACE

Theoretical Foundation Engineering is divided into five major
chapters: Lateral Earth Pressure, Sheet Pile Walls, Bearing Capa-
city of Anchor Slabs and Helical Anchors, Ultimate Bearing Capacity
of Shallow Foundations and Slope Stability. Many foundation engi-
neering books now in print cover the above-mentioned topics which
are directed toward providing a hands-on type of approach to design
engineers. The goal of this book is somewhat different, in that it
provides a state-of-the-art review of the advances made in under-
standing the bechavior of earth-retaining and earth-supported struc-
tures. Most of the material is drawn from open literature, and a
list of references is given at the end of each chapter. The text
is liberally illustrated. To demonstrate the application of theo-
retical derivations, several worked-out problems are given in each
chapter. 1In some instances, the final solutions to the problems
under consideration are given, and detailed mathematical treatment
has been deleted to keep the text within its scope and space limi-
tations. It is my hope that this text will be useful to students,
rescarchers, and practicing geotechnical engineers.

I am grateful to my wife Janice for typing the entire manu-
script in camera-ready form. Several others have been extremely
helpful during the preparation of the manuscript. Dr. Samuel P.
Clemence, Professor and Chairman of the Department of Civil Engi-
neering at Syracuse University (New York), and Dr. Ronald B.
McPherson, Associate Professor of Civil Engineering, New Mexico
State University, Las Cruces, were very helpful in providing sev-
eral reference papers. Dr. Donald E. Bobbitt and Mr. Richard S.
Erdel of the A. B. Chance Company, Centralia, Missouri, have pro-
vided the photographs of helical anchors given in Appendix C.

Mr. Robert L. Goodman, Director of Editorial Research-North Americs

for Elsevier Scientific Publishing Company, was most instrumental
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in the initiation of this manuscript. Thanks are also due to
Dr. Haskell Monroe, President of The University of Texas at El
Paso, for his continuous encouragement and assistance in my pro-
fessional development.

Braja M. Das

El Paso, Texas
March, 1987
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CHAPTER 1
Lateral Earth Pressure

11 INTRODUCTION

In the construction and design of many structures, a thorough
knowledge of the earth pressure to which these structures will be
subjected is required. Important among these structures are re-
taining walls, sheet pile bulkheads, temporary sheathings for sup-
porting vertical or near-vertical cuts in soils, and earth anchors.
The earth pressure to which the above types of retaining structures
are subjected is commonly referred to as lateral earth pressure.
The lateral earth pressure on an earth-retaining structure can gen-
erally be divided into three major categories. They are

1. Earth pressure at rest
2 Active earth pressure

3. Passive earth pressure

The above-stated earth pressure conditions can be explained by
means of Fig. 1.1, in which AB is a retaining wall supporting soil
at its left. The backfill soil has a horizontal ground surface.

If the retaining wall does not yield at all from its original posi-
tion, the horizontal lateral earth pressure at any depth to which
the wall will be subjected is called the lateral earth pressure at-
rest. The total force per unit length of the wall is equal to Py
This type of condition is shown in Fig. 1l.la. However, if the wall
tends to yield away from the soil sufficiently to create a plastic
state of equilibrium in the soil mass located immediately behind it,
the lateral earth pressure at any depth to which it will be sub-
jected is called the active earth pressure. The conditions for
development of active earth pressure are shown in Fig. 1.1b, c, and
d. This can happen by rotation of the wall about its bottom or
top, and also by lateral translation of the wall away from the



Rotation
about bottom

RS “w__~ Rotation
about top

(b) (c) (d)

Rotation

about bottom
—4p Translation

P
P
Rotation
about top
(e) (f) (g)
Figure 1.1. Definition of (a) Earth pressure at rest; (b), {(c),

and (d) Active earth pressure; (e), (f), and (g) Passive earth
pressure.

backfill. The magnitude, direction, and the location of the resul-
tant of the active force P, per unit length of the wall will depend

on several factors, such as the shear strength parameters of the



backfill, profile of the top of the backfill, roughness of the wall
and the mode of the wall movement.

Figure 1l.le, f, and g shows the condition where the wall
yields into the soil mass located behind it by rotation about its
bottom and top, and also by lateral translation. I1f the movement
of the wall is sufficient to create a plastic state in the soil
mass near it, failure will occur. This is referred to as the pas-
sive state. The lateral earth pressure on the wall at any given
depth is called as the passive earth pressure. The magnitude, di-
rection, and the location of the resultant of passive force will
primarily depend on the same factors as listed above for the active
case.

This chapter has been devoted to analyzing various lateral
earth pressure theories presently available in literature. In all
cases, it has been assumed that the shear strength of the soil can

be defined by Mohr-Coulomb's failure criteria, or
s = p'tan¢g+ ¢ : (1.1)

where s = shear strength

p'! = effective normal stress
¢ = drained angle of friction
e = cohesion

AT-REST EARTH PRESSURE
1.2  AT-REST EARTH PRESSURE

As explained in the preceding section, the at-rest condition
exists if a wall does not yield at all (that is, either away from
the soil mass or toward the soil mass). Figure 1.2 shows a re-
taining wall with a horizontal backfill. At a depth z below the
ground surface, the vertical and horizontal effective stresses are
p& and pﬁ, respectively. The ratio of pﬂ to p& is usually referred

to as the lateral earth pressure coefficient at-rest, OT
= ' '
KO Ph/PV (1.2)
where K = earth pressure coefficient at-rest

The most common and widely used relationship of K, for design
is that given by Jaky (1944), which is of the form

K, = 1-sing (1.3)

where ¢ = drained friction angle



Unit weight=y

s = p'tan¢g +ec

Figure 1.2, Definition of lateral earth pressure at-rest.

In recent times, it has been shown by several investigators
that Eq. (1.3) is applicable only to normally consolidated loose
soils., This fact can be explained by referring to Fig. 1.3, which
shows a plot of pﬂ against pé. Along the branch 04 (initial load-
ing), the soil is normally consolidated. Mayne and Kulhawy (1982)
have analyzed the published results of about 121 soils. Based on
their analysis they found that, for both sand and clayey soils,

the best fit line from linear regressions analysis can be given as

Koney = 1-1.003sin (1.4)

where X = at-rest earth pressure coefficient for normally

o(nc)
consolidated soils

So it appears that the original Jaky equation is generally valid

for all normally consolidated sands and clays. Brooker and Ireland

(1965) have given the following relationships for normally consoli-

dated clays

X = 0.4+0.007(PI) (for PI between 0 and 40) (1.5)

o(nc)

and

Ko(nc) = 0.64+0.001(PI) (for PI between 40 and 80) (1.6)
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Effective horizontal

stress pﬂ

!
PV(A) R
Effectivg
() vertical
stress pé

0 Py(p) Py (D) p

Figure 1.3. Variation of pﬂ against pé for loading, unloading, and

reloading cycles. (NOTE: O0A--initial loading; ADB--initial un-
loading; and BC--reloading branch.)

It can be seen however from Fig. 1.3 that at point D, which is
on the initial unloading path, the magnitude of X, is higher than
that observed along 04 because the soil is overconsolidated.
Schmidt (1966) has suggested that

_ A
Ko(u) Ko(nc)(OCR) (1.7)
where Ko(u) = at-rest earth pressure coefficient during initial
unloading

= i i = ! '
OCR overconsolidated ratio pv(A)/pv(D)
A

a coefficient
Mayne and Kulhawy (1982) have suggested that

A4 = siné (1.8)



Thus

sing

Ko(u) = (1 -sin¢) (OCR) (1.9)

The vertical effective stress pé and thus the lateral effec-
tive stress pﬂ can change due to several factors, such as change of
ground water table, cut and fill operation, and so forth. In Fig.
1.3, BC is a reloading path. For the first reloading path, Mayne
and Kulhawy (1982) have presented the following relationships

) OCR ] [ OCR ]
X =k QR | 4 gf1- QR (1.10)
o(r) o(nc)[OCRl-A OCR(max)
(max)
where Ko(r) = at-rest earth pressure coefficient for first

reloading path

_ p\;(A)
OCR 10y = e (1.11)
o = (9) (1-sing) = (B (Ko (ney ] (1.12)

Sherif, Fang, and Sherif (1984) have conducted several well-
instrumented laboratory model tests to determine the magnitude of

K. Figure 1.4 shows a summary of the results obtained from these

’ | I I
A\ Experimental results of
N\ Sherif et al. (1984)
\\e 8 Coaa o
\ ®loose sand; ¢=32.3
\ mDense sand; ¢=39°
1+ \\ J —
— \ Dense sand
& \ (Experiment)
- \
N \. | ]
< \ Eq. (1.3)
2< h Loose sand
o \\ |
a 2 ‘
\ Eq. (1.3) ™
\ Dense sand
\ (Theory)
°
\
\
5 | LN\ ]
0 50 100 150 200

p/ (1b/ft?)

Figure 1.4. Laboratory tests for horizontal effective stress PR
in loose and dense sand.



tests for loose and dense sands. From this figure, it can be seen
that Jaky's original equation [Eq. (1.3)] is only in good agreement
for loose state of sand compaction (normally consolidated). How-
ever for dense state of sand compaction, Eq. (1.3) grossly under-
estimates the at-rest earth pressure and hence K. This is prob-
ably due to the overstressing induced by compaction of sand. Based
on their laboratory test results, Sherif et al. (1984) have pro-
posed the following relationship for the at-rest earth pressure co-
efficient in sand

vy
K = (1-sing¢) + [————————-— 1]5.5 (1.13)
o(d) Yd (min)
where Ko(d) = at-rest earth pressure coefficient for design

Yd(min) = dry unit weight of sand in loosest state
Yq < compacted dry unit weight of sand behind the retain-

ing wall

Readers are also referred to the study of Feda (1984) for fur-
ther review of K, in sand. Kavazanjian and Mitchell (1984) have
studied the variation of L in San Francisco Bay mud during consol-
idation., The study shows that for normally consolidated clay the
magnitude of K, increases with time., Behavioral reasoning indi-
cates that for all soils X should ultimately approach one. For
overconsolidated clays, the magnitude of X is greater than 1.0,

however this should decrease with time to reach a value of one.

1.3 AT-REST FORCE AND RESULTANT
According to Eq. (1.2)

The preceding equation is valid for effective stress conditions.
If ground water is present, the total horizontal stress can be ex-

pressed as
Py, = Kopé +u (1.14)

Figure 1.5a shows a retaining wall of height # with the ground
water level at a depth 2=z, A surcharge ¢ (per unit area) is also
applied at the ground surface. The at-rest force per unit length
of the retaining wall can be determined by plotting the variation
of 2% with depth z. Figure 1.5b, c, and d shows three cases which
are described below.



Surcharge=q

EY ‘lT.ll _-l. Case 1
2
1 z
Unit weight=y
_l Water
# = table T Po
. . 2=K/3
Lffective unit
weight= }_
Y -y =Y’
Y sat 'w
L le—pKvE
(a) (b)
Pp=Xo4 Pr¥od
Case II Case II1

—
i)
o
r

N T
| z
i © do\ ,
P —— % fe—
- ——f

(c) lgtya vy (H-2,) 1K

Note: wu=y_ (H-z,)
w 1

(d)

Figure 1.5. At-rest force and resultant.



Case I--¢=0; 2 2H (Fig. 1.5b)

At z2=0, pﬂ=0
At z=H, ph=KoyH; u=0
where y = unit weight of soil

So, force per unit length

el
1l

area of the pressure diagram = %Kosz

Case 11--¢g#0; zle (Fig. 1.5c)

Area 1 + Area 2

"
I

L 2
K qd + 3K YH

Case 1II--¢#0; 2, <H (Fig. 1.5d)

Y Area 1 + Area 2 . . . + Area 5

"
i

i}

1 2 _ 1 "im_ 2 1 _ 2
K qH + 5K y2] * Koyzl(H zl) + zKoY (H zl) + 2YW(H zl)

The location of the line of action of the resultant z can be
determined by taking the moment of the areas about the bottom of
the retaining wall, or

¥ Moment of the areas about 0

P
0

z = (1.15)

In certain circumstances, it may be required to determine the
at-rest force per unit length of a retaining wall which has an in-
clined backface as shown in Fig. 1.6. For this case, the at-rest
force on the vertical face BC, Po(BC)’ should be determined first,
or

= 1 2
PO(BC) 2KV

The at-rest force on the back of the wall, P can be given as

le) ’
> - >

Py = PO(BC)+ Vs

where Wy = weight of the soil wedge ABC per unit length of the wall

However
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Figure 1.6. At-rest force for a retaining wall with an inclined
backface.

I

Wy = (v)L(3) (8) () (tano)] = Syi’tana

S

Hence, the magnitude of the force

= . [p2 7 . yH? 2 2
P PO(BC) W = V&g + (tana)

From Fig. 1.6, it is evident that z=H/3. Also, the force Py
will be inclined at an angle A=tan‘1(tana/KO) with the horizontal.

Example 1.1. A retaining wall is shown in Fig. 1.7a. Assume that
both soil layers are overconsolidated and the K, relationships fol-
low Eq. (1.10). Given:

OCR

(max) for sand = 1.5 OCR(max) 2.0
OCR for sand = 1.2 OCE for clay = 1.7

for clay

Determine the lateral force P, per unit length of the wall assuming
that the wall does not yield. Also determine the location of the
line of action of the resultant force P



Sand 2

y=110 1b/ft3
$=30°

}L_ _— — — ——— ———
b e
Clay 3 (a)
Voae=122.4 1b/ft
10 ft $=30°

e=450 1b/ft?

py, (1b/ft?)

»
L

®
621.5

10 e e —~ 861.3

(b)

l
|
|
¥=5.98 ft l

20 t—= — —-—J———-

e—— 1331.1 —— plg- 624 —d)

v
z (ft)

Figure 1.7.

11
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Solution

For sand layer:

Ko(nc) = 1l-sin¢ = 1-sin30 = 0.5

- 3 _
o = ?[Ko(nc)] (0.75)(0.5) 0.375
A = sin¢ =0.5

) 1.2 1.2
Ko (1) O'S[IT27737§] ' 0.375[1 TTF]

0.49 + 0.075 = 0.565

For clay layer:

Ky (ne) = 1-5in20 = 1-0.342 = 0.658

o = %(0.658) = 0.494

4 = 0.342

Ko (r) * 0.658{;76%f%7€:;] + 0.4941 -1:7]

Il

0.709 + 0.074 = 0.783

Determination of at-rest pressure:

At z=0:
py = 0
pp =0

At 2=10 ft (inside sand layer):

p, = 10y = (10)(110) = 1,100 1b/ft?

(0.565)(1,100) = 621.5 1b/ft2

Ph = Ko (r)Py =
u =20

At z=10 ft (inside clay layer):

(0.783)(1,100) = 861.3 lb/ft?2

= r o=
Ph Ko(r)pv
u =0

At z=20 ft:

Py 7 10%gang + 10vdy,y = (10)(110) + (10)(122.4-62.4)
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1,100 + 600 = 1,700 1b/ft?

!

Pp ° Ko(r)pé =
10y, = (10)(62.4) = 624 1b/ft?

(0.783)(1,700) = 1,331.1 1b/ft?

u

Figure 1.7b shows the distribution of Py with depth.

Determination of force PO:

P, = I Areas of the pressure diagram
4y = (%}(10)(621.5) = 3,107.5
4y = (10)(861.3) = 8,613
Ay = (%J(IO)(1,331.1—861.3) = 2,349
Ay = (%)(10)(624) = 3,120

"o
i

17,189.5 1b/ft

Determination of the line of action of the resultant force:

Taking the moment about the bottom of the wall

Pz
o)

(3,107.5) (10 + 30 + (8,613) 3% + (2,349) 3%

+ (3,120) (32

]

41,423 + 43,065 + 7,830 + 10,400 = 102,718

So, z = 5.98 ft

ACTIVE PRESSURE
1.4  RANKINE ACTIVE PRESSURE (ROTATION ABOUT BOTTOM OF WALL)

Consider a vertical wall of height # with a horizontal back-
fill as shown in Fig. 1.8a. The wall is assumed to be friction-
less. The unit weight of the backfill is equal to y. Initially,
if the wall has not moved at all, the vertical effective stress on
a soil element near the wall is

py = Vi
The horizontal effective stress on the same soil element is equal

to
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Wall rotation \ /
about bottom

k\j\45+¢/z //‘\45“1’/2
A\

Qe =<

(a)

»
—»
~

g=p'tand+ec

Shear stress

Normal
stress

s=p'tan¢+e

Figure 1.8. Rankine active earth pressure.
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1

- =
K Y& KopV

where K = at-rest earth pressure coefficient

There will be no shear stress on the faces of the soil element
since the wall is frictionless. The corresponding Mohr's circle
for the state of stress on the soil element is shown in Fig. 1.8b.
(circle No. 1). If the wall AB moves away from the soil (that is,
it moves to the left), the magnitude of pé will remain the same,
however pﬂ will gradually decrease. Ultimately it will reach a
condition at which the horizontal stress pﬂ=p;, and the correspon-
ding Mohr's circle will be represented by circle No. 2. Note that
this circle touches the Mohr-Coulomb failure envelope at points a

and » which may be defined by the equation
s = p'tan¢ +e (1.1)

Mohr's circle No. 2 represents the failure condition, that is,
the soil behind the wall (soil wedge ABC) has reached a plastic
condition. The effective soil pressure pé is called the Rankine
active pressure. Note that, for the Rankine active state, pé is
the major principal stress and pé is the minor principal stress.

At this point P, on Mohr's circle No. 2 represents the pole. The

reader 1is referﬁed to Appendix A for definition and discussion of
pole. The potential failure planes in soil at the Rankine active
state can be represented by lines Pya and PAb. Since Pyc repre-
sents the horizontal plane, the failure planes (PAa and PAb) make
an angle #n with the horizontal. Also, from geometry it can be

seen that
n = £(45+¢/2) (1.17)

Figure 1.8a shows the potential failure wedge with the above-men-
tioned failure planes inclined at angles of +(45+¢/2). These lines
are referred to as the slip lines.

The magnitude of the active pressure pé can be obtained from
the geometry of Mohr's circle No. 2 shown in Fig. 1.8b. This can
be done as follows

N

|
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So
Py Py
ol 2 )
sing = 4 — = T
'
v'o+oc ccoté +( v a)
or
l1-sing COSo
[ - (=1Ll AN
Pag pv(l+51n¢) Zc(1+51nq>)
Since
%’}z‘%‘ = tan? (45-¢/2)
and
cos¢ 2
m = tan(45—¢/ )
pé = pétan2(45—¢/2) - Zetan(45-¢/2) = Kapé —Za/?; (1.18)
where K, = Rankine active earth pressure coefficient

tan? (45-¢/2) (1.19)
For granular soil backfill, ¢=0. So Eq. (1.18) becomes

- '
Py Kapv (1.20)

Figure 1.9a shows the distribution of pé with depth z for a
horizontal granular soil backfill behind a retaining wall of height

H. The active force P, per unit length of the wall can be given as

H H
1
P, = j’ pjda = j- (k,va)dz = EKayHZ (1.21)
] o

Similarly, the active force per unit length of the wall with hori-

zontal c-¢ soil backfill can be obtained as

H H
P, = f(xapv'-zc/‘“xa)dz - [ ve-2e/E])ds
0 0
= 1 2 _ v
Lk, YE? - 2cH/E] (1.22)

The corresponding pressure distribution diagram is shown in Fig.

1.9b. However, one thing should be kept in mind. From Eq. (1.18)

' = -
Py K vz ZGVKa
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Effective active
pressure p,

3 —-»

. K YH ¥
v
Depth =z
(a)
—ZC@ ~2evKa
K.py > ’/l::—zc/z{ — '/—h' Py

L -
— K vH —b| —» \- je— N
K_vH-2evVK
v v v & &
Depth =z
, (b)
Figure 1.9. Distribution of Rankine active pressure behind a ver-

3 tical wall with a horizontal backfill: (a) Granular soil; (b)
Cohesive soil.
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It can be seen from Fig. 1.9b that the magnitude of pé at a depth

of 2=2 becomes equal to zero, or
K Ya_ -20/?; =0

So

2evK 2
z_ = -7rii = =2 (1.23a)
¢ YA y/f;

From the ground surface up to a depth of P the magnitude of net
pé is negative. This means that the stress acts away from the wall
and towards the soil. This type of condition will eventually cre-
ate a tensile crack between the wall and the soil up to a depth of
Z. (depth of tensile crack). After the tensile crack develops,
since there is no contact between the soil and the wall the magni-

tude of active force can be given as

202

= Loy - = L 2 _ Vi
P, = 5(H-3_) (YHK, zc/Z;) SK YH? = 2cHVE  + (1.23b)

As in the case of at-rest lateral pressure, if the ground
water table is located at a depth z<H, the total active pressure at

any depth can be given as

Py = pé +tu (1.24)

where u = pore water pressure

Inclined Granular Backfill

Figure 1.10a shows a frictionless wall of height # with a
granular backfill (s=p'tan¢; e=0) which is continuously inclined at
an angle 7 with the horizontal. The effective vertical stress on
the inclined faces ab and ed (inclined at an angle < with the hori-

zontal) of a soil element at a depth z will be equal to

— ,
= YzCOS
Py Y T

An enlarged drawing of this soil element abed is shown in Fig.
1.10b. The stress pé on ab and ed can be resolved into two compo-

nents

o' = normal stress on faces gb and ed = yzcos?< (1.25)
and

T = tangential (shear) stress on faces ab and ed

n

Yzcosisini (1.26)
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Rotation
about bottom

a
2 H (a)
a
v .' ry
:-.-: - '.','_B--,'I'
]
|/ i
~= Py
o,
(b)

T=y5c0S87sint

o'=yzcos?i

I
I
|
|
.
v

p

Figure 1.10. Rankine active pressure for a vertical wall with
sloping granular backfill (e=0).
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s=p'tan¢
4
-4 ,
& /
g oL
= 7\ M (o',T)
=
\
5 1\ B :
= Pp /, \ H
. ‘A i
\ A |
- ¢>17: ANk W ;
0 ! -
N 6 27/ ln‘: ¢ m Shear
~ stress

s=p'tan¢

(c)

Figure 1.10. (Continued).
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The normal and shear stresses on the vertical faces (ad and be) of
the soil element are cﬂ and 1, respectively. These are also shown
in Fig. 1.10b. When the wall rotates sufficiently to create a
plastic state (Rankine active state), the corresponding Mohr's
circle will be as shown in Fig. 1.10c. Point M on the Mohr's
circle represents the stress conditions on the plane ed. Note that
the Mohr's circle is touching the Mohr-Coulomb failure envelopes
since this is the state of failure. The pole for this state of
stress is point Py Point ¥ on the Mohr's circle represents the
state of stress on the vertical plane ad. Thus, the Rankine active

pressure on the vertical plane ad is

oy = Vogter? = VJom2eGm? - o7 - 07,

Also
Om = o' = yacos<t
and

mM = yzcosisini

So
oM = ~[(Om)2+(mM)2 = ‘J(Yzcoszi)2+(yzcosisini)2 = yzcosi

Now
gg% = gélEfA (1.27)
oM OB+BM

But

0B = OC(costi)
BP, = BN = r?-BC?

where r = radius of the Mohr's circle = 0Csing
BC = 0C(sini)

So

E—R = B4 = (0Csing)2-(0Csini)? = OC /sinZ¢-sin?s

Hence, from Eq. (1.27)

Pp 0C(cosi - y/sin2¢-sin24) _ cosi - Jcos?i-cos?¢

oM 0T (cosi + fsin2¢-sin2i) cosi + \Jcos2i-cos2e

O
b

However, it has been shown that OP,=p} and OM=yzcosi. So
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cosi+ fcos2i+cos2é

_ 27 2
Py = vz [cosi(c"” SRR L ¢>J = ysK, (1.28)

where K, = Rankine active pressure coefficient (for inclined back-
fill)

The variations of Ky with ¢ and ¢ are given in Fig. 1.11. The

active force per unit length of the wall can be given as

H H
P, = j-padz = j‘(yzka)dz = %Kasz (1.29)
0 0

Several important facts need to be kept in mind, and they are

0.55 —
0.50
/ 30°
0.45 // 20
K, 0.40 / ;///
34°
0.35 ”_’,,a' v v (=260
1 ’///////////////////////
0. 350 | A P 3s8°
) L
————"*/// / 40°
0.25 = ——
020 5 10 15 20 25 30

Backfill inclination < (deg)

Figure 1,11, Variation of Ka with 7 and ¢ [Eq. (1.28}].
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1. The active pressure pé is not the minor principal stress
as is evident from the Mohr's circle given in Fig. 1.10c.

2. The active earth pressure pé at any given depth z makes
an angle o with the horizontal.

3. From Fig. 1.10c, it is evident that slip lines in the
failure zone make angles of ny and n, with the ground surface. The
slip planes correspond to the lines Ppa and PAb Figure 1.10d
shows the directions of the slip lines. Note that the angle be-
tween the two sets of slip 1lines are 90+¢ and 90-¢.

1.5 ACTIVE PRESSURE WITH WALL FRICTION--COULOMB'S ACTIVE
PRESSURE THEORY

Rankine active pressure refers to the condition where the
friction angle at the soil-wall interface is equal to aero. How-
ever, in all practical cases, walls are not frictionless. Figure
1.12 shows the nature of the failure surface in soil at active
state behind a retaining wall with friction. The actual failure
surface is curved; however, calculations have shows that, for ac-
tive condition, the approximation of a plane failure surface in
soil yields fairly good results. The first analysis for determina-
tion of active earth pressure behind a retaining wall with a plane

Rotation of wall
about bottom

Plane failure
surface
(approximation)

Curved failure
surface (actual)

Figure 1.12. Failure surface in soil for rotation of wall (with
friction) about bottom.
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failure assumption is generally credited to Coulomb (1776).
Coulomb's active earth pressure theory can be explained by refer-
ring to Fig. 1.13. The retaining wall has a sloping granular back-
fill, and the shear strength of the soil can be given by the equa-
tion s=p'tan¢.

Rotation about
bottom

(a) (b)

Figure 1.13. Derivation of Coulomb's active force (granular back-
£fill; e=0).

The angle of friction between the back of the wall and the
soil is equal to 8. Let BC be a trial failure plane. In such a
case, for equilibrium, the following forces (per unit length of the
wall) will act on the soil wedge ABC:

1. W--Weight of the wedge
2. FE--Resultant of the normal and shear forces along the
trial failure surface BC

3. Pa——Active force inclined at an angle 6 to the normal
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KayH51n8

Figure 1.13. (Continued).

drawn to the back side of the wall.

The force triangle for the wedge equilibrium system is also

shown in Fig. 1.13b. From the force triangle, using the law of

_ in(6-¢) - in(6-¢)
P, = ) STRT(TS0™)- (6-9) - (180-F=5)T ~ N erathsitsy (1-30)

However, the wedge ABC is a trial failure wedge. The maximum ac-

sines

tive force can be obtained by using the theorem of maxima and min-

ima, or

o ®
i
K

-0 (1.32)
The solution of the preceding equation results in
Py = 2K, yH? (1.32)

where H = height of the wall
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K, = Coulomb's earth pressure coefficient
2
_ sin(B-~¢)
sinB { Vsin(B+90) \/51n(2123212§¢ 7“)} (1.33)

The nature of variation of the Coulomb's active earth pressure
against the wall is shown in Fig. 1.13b.

In using Eq. (1.33) for L the proper sign convention for the
angle 7 (Fig. 1.13c) should be used. Figure 1.14 shows a plot of
X, for various values of ¢, 6, and 7 for a retaining wall with a

vertical back (B=90°). In most practical design works, the angle
\\\ - 1}:550
0.40 - L
-~ -~ -
\ \N~\§‘~ ¢=26°
0.35 [r~—
S~ 26°

0.25 e
P~ \‘~§§—°‘—-ﬂ- 380
~ - [ e i el
40° — T e -
0.20
5 10 15 20

Wall friction angle & (deg)

Figure 1.14. Plot of X, [Eq. (i.33)] for vertical backface of the
wall (B=90°).

of wall friction & is assumed to be between ¢/2 and 2¢/3. Table
1.1 provides the values of Ka for various values of ¢, B, and <
with §=2¢/3.

In special cases, for a vertical wall (B=90°) with a horizon-
tal granular backfill (¢=0°) Eq. (1.32) simplifies to the form
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Table 1.1. Values of K5 [Eq. (1.33)] For Various Values of
¢, B, and < With 6=2¢/3

8 : ¢ (deg)
(deg) | (deg) | 28 30 32 34 36 38 40
90 0 0.321 0.297 0.275 0.254 0.235 0.217 0.200
+5 0.343%3 0.317 0.292 0.269 0.248 0.228 0.210
+10 0.370 0.340 0.312 0.287 0.263 0.242 0.221
95 0 0.359 0.335 0.313 0.292 0.272 0.254 0.236
+5 0.383 0.358 0.333 0.310 0.288 0.268 0.249
+10 0.416 0.386 0.358 0.331%1 0.307 0.285 0.264
100 0 0.400 0.377 0.355 0.334 0.314 0.295 0.277
+5 0.431 0.404 0.379 0.356 0.334 0.313 0.294
+10 0.469 0.438 0.409 0.382 0.357 0.334 0.313
105 0 0.448 0.425 0.402 0.381 0.362 0.343 0.325
+5 0.484 0.458 0.432 0.409 0.387 0.366 0.346
+10 0.529 0.497 0.468 0.441 0.416 0.392 0.370
110 0 0.503 0.479 0.457 0.437 0.417 0.398 0.381
+5 0.546 0.519 0.494 0.471 0.448 0.427 0.407
+10 0.599 0.568 0.538 0.511 0.485 0.461 0.438
2 2
Py = ToeSs [ = ] (1.34)
(1/cos¢) + +Jtan?¢+tan¢tans

Equation (1.34) is for the estimation of active force P,
against a retaining wall with granular backfill having an inclina-
tion of ¢ with the horizontal. This equation can be modified some-
what to include the effect of surcharge (q per unit area) on the
surface of the backfill as shown in Fig. 1.15. Let ABC be the
failure wedge. The weight of this soil wedge per unit length is
equal to

W(aBC) © %YHL[%Q] (1.35)

The total weight within the wedge ABC (per unit length) which in-
cludes the surcharge is equal to

= Lypp [BRLE0) )4 gp

Witotal) =~ "(aBc) * 4 Sing

or
L sin(B—ig] - %NHL[Sin!B—i!]+ gL

_ 1
W(total) N EweqH [ sinf sinpg

where qu = equivalent unit weight of the backfill material which

will include the effect of surcharge
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Surcharge
=q
H
P
a
’ < o 51n28 ] ; X YHSlnB
[51n38 A

(a)

Figure 1.15. Coulomb's active pressure with a surcharge on the
backfill. (Note: ¢=180°-B8-6.)

So
- sinf 2q ;
qu Y +[51ni6—zi] H (1.36)

Now, the equivalent unit weight can be used in Eq. (1.32 in place

of y to determine the active force on the wall as

= i 2
P, ZKayeqH (1.37)

The distribution of the active pressure along the wall back-
face for such a condition can be obtained by replacing # with z in
Eq. (1.37). So

= .l- 2
Pa 2Kaqu

Hence, pressure

BPa 9P

_ - a, _ 1 : 9
Pa = 3(z/sinf) ~ 3z (sing) = 5K351n5[§?(quzzﬂ

-K 51n8{ [YZZ +§T%%%§IT(E%EEJ]}
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_ sin?g

= }iayzsinB + Ka['si_n(m]q (1.38)

The variation of Py along the wall face is shown in Fig. 1.15b.

Exampie 1.2. Refer to Fig. 1.15a. Given: §g=20 ft, ¢=30°, §=20°,
i=5°, B=95°, ¢=2,000 1b/ft2, and y=115 1b/ft3. Determine Coulomb's
active force and the location of the line of action of the resul-
tant Pa‘

Solution

For 8=95°, ¢=5°, 6=20°, and ¢=30°, X =0.358 [Eq. (1.33)].

=L 2 -1 2g _ sing 2
Pa 2KaquH 2Ka[Y'+H sin(B—ii]H
_ 1 2 sinp
= SKLYHT * Kqu[51niB—zi]
Pa(1) Pa(2)

(0.5)(0.358) (115)(20)2 + (0.358)(20)(2,000)[§T%%§%§§T]
= 8,234 + 14,265.5 = 22,499.5 1b/ft
Location of the line of action of the resultant:
P = Painy (3) % Py gy (8/2)

or

w |

(8,234)(20/3) + (14,265.5)(20/2) _ 54,893.3 + 142,655
77,3499.5 77,399.5

8.78 ft (measured vertically from the bottom of the wall)

1.6  GRAPHICAL SOLUTIONS FOR COULOMB'S ACTIVE FORCE

There are several graphical procedures for determination of
Coulomb's active force behind a retaining wall. Two of these pro-
cedures will be discussed in this section. They are Poncelet's
procedure and Culmann's procedure.

Poncelet's Procedure

In order to use this procedure, the following steps need to
be followed (Fig. 1.16).

1. Draw the retaining wall and the constantly sloping back-
fill to a certain scale.
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Wall rotation ,
about bottom I X
- A |
T |
e I
1
)
|
1
]

Figure 1.16. Poncelet's graphical solution of Coulomb's active
force. (Note: Height of wall=H; granular backfill--e=0,)

2. Draw line BD which makes an angle ¢ with the horizontal
(that is L(¢BD=¢).

3. Draw line BE which makes an angle y=180-B-8 with BD.
4. Draw a semicircle with BD as the diameter.

5. Draw AF parallel to BE.

6. Draw FG perpendicular to BD,

7. Draw the arc GH with FG as the radius.

8. Draw HI parallel to 4F (or BE).

9. Draw arc IJ with HI as the radius.

10. Draw line IJ.

11. Calculate the force as

P, = (Area of triangle IHJ)Y = %{T?)CE?UY
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The resultant force P, acts at a distance H/3 above the bottom of
the wall inclined at an angle 8§ to the normal drawn to the backface
of the wall.

Culmann’s Procedure

This procedure is a versatile one and can take into account
any type of irregular backfill and surcharges such as line loads
and strip loads. The graphical procedure is explained below in a
step-by-step manner.

1. Draw the retaining wall and the backfill to a given scale
as shown in Fig. 1.17.

Figure 1.17, Culmann's procedure for graphical determination of
Coulomb's active force with granular backfill. (Note: &LABC'=B.)

2. Draw several trial failure wedges such as 4B(, ABD, ABE,
and so forth.

3. Determine the areas of the wedges and, thus, their weights
(per unit length of the wall) as
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=
i}

(Area of ABC) (v)

x
]

(Area of ABD) (y)

4. Draw line BD' which makes an angle ¢ with the horizontal
(l1ine BC').

S Determine y=180°-8-§.

6. Draw line BE' which makes an angle y with BD'.

7 Adopt a load scale.

8

With the load scale adopted in Step 7, draw Bb1=wl, Bb2=WP
on line BD'.
9. Draw blbi’ bzbé, . . . parallel to BE'.
10. Join points b/, bé, . . . by a smooth curve. This is

called the Culmann's line.

11. Draw line ¢H parallel to BD' which will be tangent to the
Culmann line at point «'.

12, Draw line x'x parallel to bine BE'.

13. The active force is given by

P, = (z7x) (load scale)

The failure wedge can now be determined to be 4BX. The loca-
tion of the line of action of the resultant can be determined as
follows.

1. Determine the centroid of the failure wedge 4BX. Let this
be 0.

2. Draw a line 0'0 parallel to BD'’, This line intersects the
back of the wall at 0, The line of action of the resultant will
pass through point 0 (Terzaghi, 1943).

The above procedure can be modified to take into account a
line load located on the surface of the backfill, such as q as
shown in Fig. 1.18. The entire procedure for construction of the
Culmann's line without a line load will be the same except for
Step 3, in which the weights of the wedges are obtained. As shown
in Fig., 1.18, let the line load be located at ¢. In that case

W

1 (Area of 4BC)(y) + g

W, (Area of 4BD) (y) + ¢
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Line load
g/unit length F

Figure 1.18. Culmann's graphical procedure for determination of
Coulomb's active pressure with a line load as surcharge. (Note:
Backfill is granular.)

Based on the above weights of the wedges, the Culmann's line can be
darwn and P, can be determined. This is shown in Fig. 1.18. Note
that the Culmann's line is now a'b'b{bjbzb;, and the failure wedge
with the line load is ABY.

1.7  GRAPHICAL PROCEDURE FOR COULOMB'S ACTIVE FORCE FOR A c-¢
SOIL BACKFILL

The graphical procedures described in Section 1.6 are for es-
timation of the active force behind a retaining wall with a granu-
lar backfill, A similar procedure can also be adopted to estimate
the active force for a e¢-¢ type of soil as a backfill material.

This can be explained with reference to Fig., 1.19. Figure 1.19%9a
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Maximum

Rotation
about bottom

H——'mw —

Failure
wedge 1 y-180°-g-5

Figure 1.19. Coulomb's active force for e-¢ soil as backfill
material,

shows a retaining wall of height H. The shear strength of the
backfill can be given by the relationship s=p’tan¢+e. For cohesive
soil, it is possible that with the passage of time tensile cracks
in the backfill will develop. The maximum depth of the tensile

cracks may be given as
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5 = 28 (1.23)
C Y/'JZ'

Now, the following step-by-step procedure may be adopted for deter-

mination of Pa

1. Draw the retaining wall and the backfill to a given scale
(Fig. 1.1%a).

2. Draw the line A'c'D' for the backfill to define the depth
of tensile crack. The vertical distance between lines ACD and
A'C'D' is equal to z_ [Eq. (1.23)1.

3. Draw several trial wedges such as ABC'C, ABD'D,

4. For a given trial wedge (for example, wedge ABC'C), the
forces per unit length of the wall are as follows.

a, Weight of the wedge--W. [= (Area of ABC'C)(y)]

b. Adhesive force along soil-wall interface--Ca = caA'B;
where ca=adhesion between the wall and the soil)

c. Cohesive force along the trial failure surface of the
wedge--C. [= (e)(BC')]

d. Resultant of the normal and shear forces (frictional)
along the trial failure surface--k.

e. Active force-—Pa

5. Draw the force polygons for the failure wedges. Figure
1.19b shows the force polygon for the wedge 4BC'C.

6. Determine the magnitudes of P, for all failure wedges.

7. Plot the values of P, as shown in the upper part of Fig.
1.19a. Join all of the points with a smooth curve.

8. The maximum value of Py obtained from the curve drawn in
Step 7 is the desired active force.

1.8 ACTIVE EARTH PRESSURE FOR BACKFILL WITH VERTICAL DRAIN

Figure 1.20a shows a retaining wall with a vertical backface.
Let the base of the retaining wall be located on an impermeable
surface. The backfill is of granular material with a horizontal
surface, During rainstorms, water will seep from the ground sur-
face into the backfill. This will tend to increase the lateral ac-
tive force (Pa) against the wall. For that reason, in many cases
vertical drains along the backface of the wall are provided to
drain the seepage water. Figure 1.20a also shows the vertical
drain and the flow net for seepage during rainstorms. The lateral

active force against the wall during the rainstorm can be calcu-



JTun ‘ITTIYORq 104 2204) CUTBIP TEOTIIIOA Y3ITM [TTF¥Oeq Jernueid ioj ®7 oo103 aatTidYy
(p) (2) (e)
adeJans
o1qesuraduy
NN N AN
Ly o,
W - _y.
kN < ) A\
-- Y
,n.m -1 -
v, £y
c ———— e
n ALl
£, iy
NS —_—— = = — [
1a
Yw/ _[f_ _[ _
%
Ty * ﬁ
< T
T _ T
17 i
e
P “ d wnuIXen

36

(*0=o2 UOTSaYoDd pue ‘¢=u0r1dTiF Jo olSue ‘IFSisyyStom
"0z°1 @eunbiy




37

lated by using the principles of the trial wedge solution. This
can be explained by referring to Fig. 1.20a in which ABC is a trial
wedge. The forces (per unit length of the wall) on the trial wedge
are as follows (Fig. 1.20b).

1. Saturated weight of the wedge--W. [= (Area of ABC)(Ysat)]
Active force—-Pa
3. Resultant of the normal and shearing resistance along BC--

R.
4, Force due to pore water pressure on the trial failure sur-
face BC--U.

The force polygon for these forces is shown in Fig. 1.20c. Based
on this force polygon

(W-UcosB8)tan(8-¢)+Usind (1.39)

Py = cosé+sindtan(6-¢)

The magnitude of U can be calculated by referring to Fig.
1.20a. The trial wedge line intersects the equipotential lines at
Cis Cpa » + 5 Cge At these points, the pore water pressures (u)

are as follows.
At e ul=ywh1

eys UYLy

Cgs g™V Mg

These pore water pressures are plotted in Fig. 1.20d. So

U = Area of the pore water pressure diagram
u Ut Uyt u
1 172 2 "3 6
= T(Zl) + _T._.(Z,Z) + .._.2._...(23) + . . .+ T(Z7) (1-40)

Once the magnitude of U is calculated, P, can be determined from
Eq. (1.39). This procedure can be repeated for several trial
wedges and the maximum value of P, can be determined (see upper
part of Fig. 1.20a).

1.9 WALL ROTATION REQUIRED FOR ACTIVE EARTH PRESSURE CONDITION

It has been previously mentioned that the wall must rotate
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sufficiently about its bottom to develop Rankine's or Coulomb's
active earth pressure condition. Table 1.2 shows the approximate
rotational limits for various types of backfills. Sherif, Fang,
and Sherif (1984) have provided some laboratory model test results

Table 1.2. Wall Rotation About the Bottom For
Development of Active State

Soil type w (rad)
Loose sand 10x10-% to 20x10-%
Dense sand 6x10-% to 12x10-%
Soft clay 200%x10-"
Stiff clay 100x10-*4
KN
\ . :f:”“ RS

for active pressure behind a retaining wall with a granular back-
fill. According to their model test results, the wall rotation re-
quired to develop active state is approximately the same in dense
and loose sand.

1.10 ACTIVE FORCE ON WALL WITH ROTATION ABOUT TOP

The Coulomb and Rankine active forces described in the preced-
ing section are valid for the case where the wall rotates about its
bottom. However in some cases, such as in construction of braced
cuts (Fig. 1.2la), the rotation of the wall is about the top. In
such cases, the distribution of active earth pressure with depth is
different than that obtained for wall rotation about its top. This
can be explained with reference to Fig., 1.21b. For simplicity, let
us consider that the soil considered is sand and the sheet pile
walls are frictionless. If the wall does not yield at all, it will

be the case of at-rest earth pressure. The lateral pressure at any
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Lateral earth
0 pressure p

Actual
pressure
distribution

Rotation Rotation
about top about top ¢———— K YH ———p}

(a) v

(b)

Figure 1.21, Active force for braced cut (rotation of wall about
top).

depth can be given as
p = Y&k,

However, if the wall yields sufficiently at all depths with rota-
tion about its bottom, then the Rankine active state will prevail.
So, the pressure at any depth can be expressed as

p = vakK,

For rotation about its top, the wall movement gradually increases
from z=0 (that is, ground surface) downward. At smaller depths,
the wall movement may not be sufficient to initiate Rankine active
state. Hence the actual magnitude of the lateral earth pressure p
will be between P(at-rest) and P(active-Rankine) " However, at
greater depths, the wall movement may be substantially larger than
that required to reach the Rankine active state. For that case,
the lateral pressure p may be smaller than P(active-Rankine) " This
nature of pressure distribution thus derived will not by hydro-
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static. This is shown in Fig. 1.21b,

An example of this type of nonhydrostatic distribution of lat-
eral earth pressure can be seen from laboratory model tests (Fig.
1.22) of Sherif and Fang (1984) with a sand backfill behind the
model retaining wall. Figure 1.22 shows a plot of the horizontal

pacosd
YH
0 0.1 0.2 0.3
0
- _ I 1
®
.2~ - 3 -
e
"/
/
0.4 |- / -
!
z/H r
i
!
0.6 ‘ ® Experiment-- =
| Sherif and
! Fang (1984)
/
0.8 - /0 y=102 1b/ft3 _|
K $=39,3°
’
’
L 4
1.0 | I

Figure 1,22, Experimental measurement of horizontal component of
lateral earth pressure for wall rotation about its top.

component of the lateral earth pressure, that is, p(horizontal)/YH
= (pacosd)/yﬂ vs. a/H. At the present time, sufficient research

results are not available to establish the nature of pressure dis-
tribution behind a wall with rotation about its top. In the fol-
lowing two subsections, the existing theories will be briefly des-

cribed.

1.10.1  Dubrova’s Solution
Dubrova (1963) has proposed a method by which the distribution

of active earth pressure behind a wall rotating about its top can
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be determined (see also Harr, 1966). According to this method,

Coulomb's active pressure solution for wall rotation about its bot-
tom is accepted as valid. This method can be explained by consid-
ering a vertical wall with a horizontal granular backfill as shown
in Fig. 1.23. Let BC be the failure plane as per Coulomb's active

Wall rotation
about top

Figure 1.23, Dubrova's solution (1963) of active earth pressure
for wall rotation about its top.

earth pressure theory. However, there exists an infinite number of
quasi-rupture lines in the failure wedge between z=0 to z=H. The
resultant reaction along BC is equal to R which is inclined at an
angle ¢ to the normal drawn to BC. This indicates full shear
strength mobilization for the rupture line BC. At a depth z<H, the
movement of the wall is less, and so the degree of shear strength
mobilization will be less. Hence quasi-rupture lines like B'C' and
B"C" will have their resultant reaction R inclined at an angle ¢'
which is less than ¢. Dubrova (1963) assumed that the magnitude of

¢' varies as

_ 9=
o' = £ (1.41)

n

depth of intersection of the quasi-rupture line with wall
AB

where z

With this assumption, the active force against the wall for

any depth z can be given as [modification of Eq. (1.34)]
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2 2

p, = oL 5[ 1 ] (1.42)
a €050 (1/cosé’) + Jtanl¢'+tane 'tans

The distribution of active pressure against the wall at any depth

2 can be obtained by substituting Eq. (1.41) into Eq. (1.42) and

differentiating with respect to z, or

dP 2.1 ' 2
a _ _ Y& cCOs<o Z2$COSod . v, 1l+n
=p = - sing +—7——
dz a COSS[(1+nsin¢’)2 H(l+nsing')?2 ( n
(1.43)
where P, = active pressure at any depth z
_ tand \2
n = (1 +W (1.443.)
However, without loss of much accuracy, one can assume that
1+n2
n " (1.44b)

With the above assumption, Eq. (1.42) simplifies to the form

_ Y= cos¢’ 2 z¢cos¢’ L,
Py = o5t {(1+n51n¢, - [211:222;57;;](51n¢ +n)} (1.45a)

For a frictionless wall 8=0, so n=1. Hence

p, = yztan2(45—¢’/2)(l- ﬁE%gE") (1.45b)

Example 1.3. A retaining wall is 5 m high. The backfill is hori-
zontal sand with ¢=30°. Use Dubrova's method and determine the
variation of active pressure p, at z=0 (ground surface), 1 m, 2 m,
3m, 4 m, and 5 m for wall rotation about the top. Assume §=0 and
Y =17.5 kN/m3, Also determine the active force P, per unit length
of the wall.

Solution
Determination of variation of active pressure:

For this case, we will use Eq. (1.45b) (6=0).

Pa =thah2(45—¢'/2)(l"ﬁ?§%$7)

Now the following table can be prepared.



43

b
2 b4 tan2 (45-¢'/2) 1- %%_r P,
(m) (deg) (kN/m?)
0 0 1.0 0 0

1 6 0.81 0.895 12.69
2 12 0.656 0.786 18.05
3 18 0.528 0.670 18.57
4 24 0.422 0.541 15.98
5 30 0.333 0.395 11.51

%Eq. (1.41)
b¢ is in radians

Determination of active force Pa:

The approximate value of the active force per unit length can
be determined by using a trapezoidal rule as

P0)*P(5)
P, = [ Py TP TPE) T p(4)]“

0+11.51
———

( + 12.69 + 18.05 + 18.57 + 15.98) (1)

71.05 kN/m

NOTE: The line of action of the resultant force will be horizontal
since §=0.

For rotation about the bottom of the wall

P, = ;—yyztan2(4s-¢/2) = (-;-)(17.5)(5)2tan2(45-30/2) = 72.91

= 72,91 kN/m

There is not a substantial difference in the value of Py for
rotation about the top or rotation about the bottom of the wall.
However, the nature of the pressure distribution is different.

1.10.2 Terzaghi’s General Wedge Theory

According to the general wedge theory of Terzaghi (1941), the
failure surface in soil for wall rotation about its top can be
given as shown in Fig. 1.24, The failure surface BC is an arc of
a logarithmic spiral, which can be expressed by the equation

eetan¢

r=r (1.46)

where ¢ = soil friction angle
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R Sbli ......

Ysd,0

§=wall friction
angle

Failure surface
(arc of a log
spiral)

Wall rotation
about top

Figure 1.24. Failure wedge according to the general wedge theory
(Terzaghi, 1941) for wall rotation about its top. (Note: OB=rp,
and 0C=ry.)

In Fig. 1.24, 0 is the center of the log spiral. The proper-
ties of a log spiral have been discussed in detail in Appendix B.
The log spiral arc intersects the ground surface (at ¢) at 90 de-
grees, Note that, according to the properties of a log spiral, the
radial line 0C will make an angle ¢ with the horizontal.

In order to determine the active force Pa’ the following pro-

cedure needs to be followed.

1. Plot a log spiral with the desired value of soil friction
¢. This can be done with any desired value of ry-

2. Plot the profile of the wall to a given scale (Fig. 1.25).

3. Draw several lines such as 0101, 0,85, 004, « . ., as
shown in Fig. 1.25. Each of these lines make an angle ¢ with the
horizontal.

4. Superimpose the wall profile in Step 3 on the log spiral
drawn in Step 1. By trial and error, trace out the arcs of the log
spirals BCy, BCy, BCzy o v ., with centers at 015 05, 0
So, ABC,, ABC,, ABC,

5. The forces acting per unit length of the wall on the wedge

3’
are trial failure wedges.

ABClare as follows.
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s=p'tan¢+e

Unit weight=y

Figure 1.25.

Wall rotation
about top

Determination of active force P, for wall rotation

about its top (general wedge theory).

Weight of the wedge--W. [= (Area of the wedge) (yv)]
This force acts through the centroid of the wedge.
Active force per unit 1ength——Pa. It acts at a dis-
tance of n, i measured from the bottom of the wall.
Adhesion along the soil-wall interface——ca. Note that
C =He, (where ca=adhesion).

Cohesive force along the arc BC--C. (Note that the
force per unit area is c=cohesion.)

Resultant of the frictional resistance along the sur-
face of sliding--R.
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6. Take the moment of all forces about the center of the log

spiral 04, OF

Pl - Wll + Cazz Mo R(0) =0
where MC = moment of the cohesive force ¢

= ¢ 2_ 2
ZT§H$(01B 0101) » (1.47)
Note that, based on the property of the log spiral, the line of ac-
tion of the force Rk will pass through the origin of the spiral. So
the moment arm for R is equal to zero. So

C) (1.48)

-1
Pa = T—(Wll - CaZZ - M
P
7. Using Eq. (1.48), determine the magnitude of P, for other
trial wedges, that is, ABC,, ABC4, ..
8. Plot these values of P, as shown at the top of Fig. 1.25.
Plot a smooth curve through these points. The maximum value of P,

obtained from this curve is the desired active pressure.

There are several points that we need to keep in mind. The
general wedge theory gives only the magnitude of P It does not
provide any idea regarding the distribution of pressure with depth.
Also, in order to estimate Pa’ one needs to assume a certain value
of ng - In many practical cases, it has been shown that n, can be
as high as 0.5 to 0.6.

The active force thus determined can be expressed as

= Lyg2gt
P, = FYH?K (1.49)

where X' = earth pressure coefficient = f(e, ey §, ¢, and na)

. . , .
Table 1.3 gives a tabulation of X /Ka(Rankine) for various
values of §, ¢, O and e¢/yH. In the preparation of this table, it

has been assumed that
e, = o(f2RS, (1.50)
a tang :

If the soil behind the retaining wall is saturated clay (e=0;
1 BC,, BCg,
shown in Fig. 1.25 become arcs of circles [when ¢=0 is substituted

total stress analysis), the failure surfaces BC

into Eq. (1.46), r becomes equal to Ty which is the equation of a

etrele]. For such a case, the forces on a trial wedge ABCq will be



Table 1.3. Variation of

K'

Ka(Rankine)a
n_=0.3 n_=0.4 n.=0.5
a
§ c/YH c/YH e/YH
(deg) 0 0.1 0 0.1 0 .1
¢=15°
0 0.921 0,431 1.022 0.484 1.155 0.564
5 0.880 0.363 0.977 0.408 1.097 0.459
10 0.858 0.318 0.949 0.357 1.068 0.404
15 0.847 0.287 0.941 0.324 1.058 0.370
$=20°
0 1.018 0.390 1.010 0.429 1.124 0.482
5 0.878 0.327 0.965 0.365 1.073 0.408
10 0.855 0.286 0.939 0.318 1.124 0.353
15 0.843 0.249 0.927 0.278 1.029 0.314
$=25°
0 0.913 0.340 0.998 0.369 1.101 0.411
5 0.877 0.286 0.958 0.315 1.054 0.347
10 0.855 0.244 0.931 0.271 1.025 0.300
15 0.842 0.209 0.919 0.234 1.010 0.261
$=30°
0 0.912 0.279 0.990 0.310 1.083 0.339
5 0.879 0.234 0.954 0.258 1.041 0.282
10 0.858 0.198 0.930 0.219 1.017 0.240
15 0.846 0.168 0.918 0.180 1.002 0.201
20 0.843 0.141 0.915 0.153 0.996 0.168
$=35°
0 0.911 0.218 0.985 0.236 1.070 0.255
5 0.882 0.173 0.952 0.192 1.033 0.210
10 0.863 0.140 0.930 0.151 1.007 0.170
15 0.852 0.111 0.919 0.122 0.996 0,129
20 0.852 0.081 0.915 0.092 0.993 0.010
$=40°
0 0.912 0.111 0.982 0.147 1.060 0.166
5 0.885 0.077 0.949 0.111 1.028 0.120
10 0.871 0.069 0.931 0.074 1.009 0.083
15 0.862 0.037 0.922 0.046 0.995 0.051
20 0.862 0.014 0.922 0.014 0.995 0.018
a = 2045
Ka(Rankine) tan®(45-9/2)

s =& tand
a (tan$)

47
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as shown in Fig. 1.26. Note that Ca=caH and C=cur6.

moment about point 04

- 1 2 2
Pa m(wzl— cuz’ 6 - CaH Cote)

where e, = undrained shear strength of clay

Taking the

(1.51)

The preceding equation can be applied to several trial wedges

such as ABC,, ABC,

., and the maximum value of Pa can be ob-

tained (see the top portion of Fig. 1.26)., Using this procedure,

the desired active thrust can be expressed as (Das and Seeley,

1975)
Py
l :: I | l‘\
Maximum P i I !
a |
| } |
I
II%
o
7 ﬂ |
0, 0 0. 1 o Iy
1 3 A | 1 ! |3
Q{:— ~0-3-9-- I TS
) l i
|
o g

Wall rotation
about top

Saturated clay

=0

e=c

u

Figure 1.26. Determination of active force P, for wall rotation

about its top (saturated soil; ¢=0 concept).
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1

= _rn 2
‘u
where v, = 7l (1.53)
Y = unit weight (total) of the clay

e

_ a

K" = f a__

u

The values of K" are as follows.

(ey/e,) K"

2.762
3.056
3.143

Example 1.4, Consider the retaining wall given in Example 1.3.
Use Table 1.3 to calculate P, for na=0.3, 0.4, and 0.5.

Solution

For this problem, ¢=30°, 6=0°, H=5 m, vy=17.5 kN/m3, and e=0.
So

c_ 0

- = Q- = tan2(45- = L
YH (17.5)(5) 0; also Ka(Rankine) tan®(45-¢/2) 3

From Table 1.3, the following can be prepared.

K’ _1 2
n — K! p_=iygp2g:
a Ka(Rankine) a2
(kN/m)
0.3 0.912 0.304 66.5
0.4 0.990 0.33 72.19
0.5 1.083 0.361 78.97

1.10.3 Empirical Pressure Diagrams For Design of Braced Cuts

In practical cases, the lateral active earth pressure (pa)

distribution with depth on sheet pile walls may change with time.
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The magnitude of P, also depends on soil type, construction condi-
tions, and workmanship of the construction crew. For these reasons
empirical pressure distribution diagrams are used in all design
works. These empirical pressure distribution diagrams are prepared
from envelopes of observed pressures from various braced cuts. At
the present time, there are two empirical pressure distribution
systems used in practice. They have been proposed by Peck (1969)
and Tschebotarioff (1973), and are shown in Figs. 1.27 and 1.28.

0.25 0.25H
H I
4— Py —¥ 0.50 l-Pg,
& p . P
0.75H _l
JL 0.25H
Sand Soft to medium T- Stiff clay
clay (for (for YH/@ui4)
YH/au>4)
(a) (b (c)
Figure 1.27. Peck's empirical pressure distribution diagrams

(1969) for braced cuts: (a) pa=KayH [where Ka=tan2(45—¢/2)];
(b) pa=yH[l-(4cu)/(yH)] or 0.3yH#, whichever is greater; (c) p,=
0.2vH to 0.4vH.

1.11 ACTIVE EARTH PRESSURE FOR LATERAL TRANSLATION OF WALL

In many earth-retaining structures such as rigid retaining
diaphragms, there is a lateral translation of the wall. 1In this
type of movement, free formation of a sliding wedge is restricted.
The variation of lateral earth pressure with depth is not hydro-
static in nature. Very few experimental and theoretical studies
relating to active earth pressure for lateral wall movement are
available at the present time. In the following subsections, a
general review of the available studies will be presented.

Rendulic’s Approximation

Rendulic (1938) has given an approximation for lateral earth
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~
T 0.62 0.75H
0.7H
1'-—-p3=—"
0.25vH \
I \\
I N\ [N
0.44 PNy 0.25% AN
0.2H L ] \\ PN
¥ 0.3vz —#p-0.2vH ‘p—f 0.375ya—->'Z- Y
. 0.125vH
Sand Temporary support in Permanent support in
stiff clay medium clay
(a) (b) (c)

Figure 1,28. Tschebotarioff's (1973) empirical pressure distribu-
tion diagrams for braced cuts.

pressure distribution behind a vertical retaining wall (6=0) with a
horizontal granular backfill (Fig. 1.29). According to this, the
lateral pressure at any depth z can be given as

3
P, = Kay —ZE(K"Ka)ZZY (1.54)

Active earth pressure p,
>

v
Depth =z

Figure 1.29., Rendulic's approximation (1938) for lateral earth
pressure for lateral translation ofthe wall with granular backfill.
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where Kk, = Rankine active earth pressure coefficient = tan?(45-¢/2)
X 1.8k to 2.4K,
vy = unit weight of backfill

The total horizontal active force can be estimated by integrating
Eq. (1.53), or

]
|

H H
3
a = f p,dz = KYj‘z da —(7%)(K—Ka)j- z%dz
0 o

KyH? 3y (k~K )E3 KyH2 y(K-Ka)HZ
) - 6H ) - 2
_1 .1
- EYHZ(K—K+Ka) = 2—Kayliz (1.55)

From the preceding equation, it can be seen that the total active
force P, in this case is the same as that obtained from the Rankine
active case. However, the pressure distribution is non-hydrostatic.

The location of the 1line of action of the resultant force P,
has been approximated by Rendulic (1938) as

7 = H(.}+ Tg.K_;) (1.56)

Dubrova’s Solution

Dubrova (1963) has suggested the following procedure to esti-
mate the variation of active earth pressure P, with depth (Fig.
1.30) for a vertical retaining wall with a horizontal granular

backfill. The procedure is given below in a step-by-step mamnner.
1. Calculate the variation of active earth pressure against

a retaining wall rotating about the bottom by using Coulomb's
equation [Eq. (1.34)]1, or

drp
_ Ta
Pa(rotation about bottom) ~ dz
1 2
= (L2 < > (1.57)
coset\ _L__, Vtan2¢+tan¢tans

cOso

The nature of this pressure distribution is shown in Fig. 1.30b.
2. Calculate the variation of P, for wall rotation about its
top by using Eq. (1.45a). The nature of this pressure distribution
is shown in Fig. 1.30b.
3. Calculate the variation of Py (Fig. 1.30b) for lateral
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T I

2

Granular soil
Y

¢

=0

c

(b)

Figure 1.30. Dubrova's method (1963) for calculation of p, for
lateral translation of wall,

translation of the wall as

Pa(rotation about * Pa(rotation
_ bottom) about top)
pa(lateral translation) 2

(1.58)

Experimental Studies

Sherif, Ishibashi, and Lee (1982) have conducted several labo-
ratory model tests to study the behavior of retaining walls with
vertical back and horizontal granular backfill being subjected to
lateral translation. Based on their experimental results, they
have concluded that the lateral force P, for lateral translation
is approximately the same as that calculated by using Coulomb's
equation. However, the line of action of the resultant intersects
the wall at a distance (z) 0.42H measured from the bottom and is
inclined at an angle § with the horizontal. Based on their labora-
tory experiments, they also determined that the lateral translation
required to mobilize the active state can be expressed by the equ-

ation

= (7.0-0.13¢)107% (1.59)

ERTEON

where S = lateral translation for active state and ¢ is in degrees.
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Example 1.5. Refer to Example 1.3. Assume the wall to be 4 m
high. Use Eq. (1.54) to determine the earth pressure distribution
with depth for lateral translation of the wall. Use X=2.

Solution

Given: 2z=4 m, ¢=30°, &=0, y=17.5 kN/m3, X=2.0, and K, =
tan2(45-30/2)=0.33.

From Eq. (1.54)
- 3 2
p, = Kay - 55(K-K )z%y

Now the following table can be prepared.

3
z Key Yﬁ(K-Ka)ZZY Py
(m) (kN/m?2) (kN/m?)
0 0 0 0
1 35 8.77 26,23
2 70 35.08 34.92
3 105 78.93 26.07
4 140 140.32 -0.32

Example 1.6. Refer to Example 1.3. Use Dubrova's method (Fig.
1.30).
a. Determine the active earth pressure distribution with
depth for lateral translation of the wall.
b. Determine the active force per meter of the wall.
Determine the location of the line of action of the re-
sultant force.

Solution

Part a. Given: &=0; ¢=30°,
K, = tan2(45-30/2) = 0.33

For rotation about the bottom

YzK

pa(rotation about bottom) = a

For rotation about the top, the distribution of Py is given in Ex-
ample 1.3. So now the following table can be prepared.
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Pa(rotation about pa(rotation about

pa(translation)

bottom) top)

(m) (kN/m?) (kN/m?) (kN/m?)
0 0 0 0

1 5.78 12.69 9.24
2 11.55 18.05 14.8

3 17.33 18.57 17.95
4 23.1 15.98 19,54
5 28.88 11.51 20.2

Part b. The total active force per unit length can be

(trapezoidal rule)

Po)*P(s)
Pa = Az[“u?‘i" Y Py TP tPE)t P(4)}

0+20.2

]

71.63 kN/m?

(1) (=== + 9.24 + 14.8 + 17.95 + 19.54)

obtained as

Part c¢. The location of the line of action of the resultant can be

determined by taking the moment of the pressure diagram about the

bottom of the wall, or

= %—{4.5[EL9125L11}A2 + 3.5[p(12+P(22]AZ N 2.5[€£zl;fléjJAz
+ l.S{ﬂﬂ;p—&l]Az + O'S[M]AZ}

a

7I%€3[4.5(gi%;li)(1) v 3,

v 2.5(L4.8+17.95

. 0.5(19.54+20.2

)(1)]

5(

9.24+14.8
S

) (1) + 1.5(

) (L)

17.95+19.,54
A

) (1)

71l63(20'79 + 42,07 + 40,94 + 28.12 + 9.94) =

1.98 m

NOTE: According to the experimental observations of Sherif et al.

(1982)
z = 0.42H = 0.42(5) = 2.08 m
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RANKINE EARTH PRESSURE
1.12 RANKIME PASSIVE PRESSURE (ROTATION ABCUT THE BOTTOM OF THE
WALL)

Figure 1.31la shows a frictionless retaining wall with a verti-

cal back and a horizontal backfill whose shear strength can be

Rotation about
bottom of wall

’ 4s-¢/22>\‘\\ ////4&45—¢/2 c
,-/ '..'.:_/ ._--'_‘.. R ,
X

=~

\
N L7
N
NE
H \’ Py
N
—P
N\
NT--
\V} s=p'tan¢+c
| Unit weight of soil=y
D
LB
(a)
Figure 1.31. Rankine passive pressure.

given by the Mohr-Coulomb equation as
s = p'tan¢g +¢
When the wall is at its original position without yielding,

the vertical and horizontal effective stresses on a soil element

near the wall at a depth z can be given as

Py = Y2
and
Py = Ko ¥2

where K, = at-rest earth pressure coefficient

The corresponding Mohr's circle for the state of stress on the

s0il element is shown by circle No. 1 in Fig. 1.31b.
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n
»

g=p'tang+c

Shear stress

s=p'tan¢+c

(b)
Figure 1,31, (Continued).

If the retaining wall is pushed into the soil and if wall
movement takes place by rotation about its bottom (point B) the
horizontal stress on the soil element will continue to increase.
When the effective horizontal stress pﬁ becomes equal to p'!, the
stress conditions on the soil element can be represented by Mohr's
circle No. 2 in Fig. 1.31b. Note that Mohr's circle No. 2 touches
the Mohr-Coulomb failure envelope signifying failure condition in
the soil wedge ABC (Fig. 1.31la) adjacent to the wall. The lateral
effective stress p' is referred to as the Rankime passive pressure.
It also needs to be pointed out that at Rankine passive state the
vertical effective stress pé is the minor principal stress, and the
horizontal effective stress pﬂ is the major principal stress.

Referring to Fig. 1.31b, it is obvious that Py is the passive
pole. The potential failure surfaces (slip lines) in the soil

wedge ABC (Fig. 1.3la) are represented by the lines Ppa and Ppb
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Passive pressure pé
X >

ch/f{g e Py, YEK,

Depth =z

(c)
Figure 1.31. (Continued).

which are inclined at angles of #n to the horizontal. For Rankine

passive case
n o= x(45-¢/2) (1.60)

Proceeding in a similar manner as that in Section 1.4, for
Rankine active state it can be seen that

pé = pétan2(45+¢/2) +2ctan(45+¢/2) = yzKp+ ZQVKP (1.61)
where pé = Rankine passive pressure
Kp = Rankine passive earth pressure coefficient

tan? (45+¢/2)

The directionsof the slip lines in the passive failure wedge ABC
behind the retaining wall are shown in Fig.11.3la. The nature of
distribution pé behind the retaining wall is shown in Fig. 1.3lc.
The passive force per unit length of the wall (Pp) can thus be

given as
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H H
_ - = }_ 2
Pp = j-pédz j.(yzKp+20VKp)dz ZprH +ZcHVKp (1.62)
0 0

In case of presence of a ground water table behind the retain-

ing wall, the pore water pressure must be accounted for, or

pp = Kpp& +u (1.63)

where pp = passive pressure (total) at any depth z

u = pore water pressure

Inclined Granulaor Backfill

If the frictionless retaining wall discussed above has a gran-
ular backfill which is continuously inclined at an angle < with the
horizontal, the effective passive pressure at any depth z developed
due to sufficient wall rotation about its bottom (point B) can be
derived in a similar manner as that for active case discussed in

Section 1.4, Figure 1.32a shows a frictionless retaining wall, If

Rotation of wall
about bottom

(a)

Figure 1.32. Rankine passive pressure for a frictionless retaining
wall with an inclined granular backfill.
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2

o'=yzcos<i

Figure 1.32. (Continued).

the wall is pushed into the soil mass by rotation about point B,
the stresses on the soil element abed at failure will be the same
as shown in Fig. 1.32b. This is similar to that shown in Fig.
1.10b. The corresponding Mohr's circle is shown in Fig. 1.32c.
Note that point ¥ in Fig. 1.32c represents the state of stress on
the inclined plane ed, or

Effective normal stress, o' = yzcos?{

and
Shear stress, T = yzcosisint

For this case, the point P, is the passive pole. Point N repre-

P
sents the stresses on the vertical plane ad with coordinates of Oﬂ

and t. However, the effective passive pressure

pI; = 1/(0};)24‘ (1)2 = 0F = 5_2') (1.04)
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Figure 1.32. (Continued).

As for the active pressure case discussed in Section 1.4, it

can be shown that

. 27 cos?
p) = Yz[cosi <°°5“ cos 1-cos ¢>] = yak (1.65)
p cosi - ~Jcos?Zi-cos?¢ p

cosi + coszi-cosz¢> (1.66)

where K_ = cost <
P cosi - VJcos2i-cos?¢

The variation of Kp with 2 and ¢ are given in Table 1.4.
The total passive force per unit length of the wall can be

given as
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(d)

Figure 1.32., (Continued).

Table 1.4. Passive Earth Pressure Coefficient Kp [Eq. (1.66)]

K
p
i ¢ (deg)

(deg) 28 30 32 34 36 38 40
0 2.77 3.0 3.25 3.54 3.85 4.2 4,60
5 2.71 2.94 3.20 3.48 3.79 4,14 4.53

10 2.55 2,77 3.02 3.29 3.60 3.94 4.32
15 2.28 2.50 2.74 3.00 3.29 3.62 3.98
20 1.92 2.13 2.36 2.61 2.89 3.19 3.53
25 1.43 1.66 1.89 2.14 2.39 2.68 2.99
H
= ’ = 1 2
Pp g.p dz 2prH (1.67)

The direction

the retaining wall

of the slip lines in the failure wedge behind
will be parallel to the lines Ppa and PPb which

are inclined at angles of -nq and *n, to the sloping backfill.



63

1.13 PASSIVE PRESSURE WITH WALL FRICTION (COULOMB'S PASSIVE
PRESSURE
As discussed in Section 1.5, Coulomb's earth pressure theory
assumes that the friction between the backface of the wall and the
soil does exist, and the failure plane in the soil is a plane.
Figure 1.33 shows a wall with a cohesionless soil backfill.

Rotation
about
bottom

k3 Cohesionless
backfill
Y
¢
P e=0
H

.

H/3

(a)

Figure 1.33. Coulomb's passive pressure.

If the wall rotates about its bottom into the soil mass, the fail-
ure wedge in the soil will be a triangular wedge such as 4BC as
shown in Fig. 1.33a. The forces acing on the wedge per unit length

of the wall are

1. Weight of the wedge--W.
2. Passive force--P
3. The resultant of the shear and normal forces along the

potential failure surface BC--R.

For equilibrium of the wedge ABC, the force triangle is shown
in Fig. 1.33b. Using the law of sines
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NOTE: =180-B+8

(b)

K _yzsinp
pY

(c)

Figure 1.33. (Continued).



65

P
4 = p
SIn[180-(0+9)-(180-B+8)] sin(6+¢)

_ sin(8+¢
Fp 7 W['S'PT_L_M B23-0-0 ] (1.68)

For maximum value of Pp

or

p |
Y 0 (1.69)
Combining Eqs. (1.68) and (1.69), we obtain
= lyg2
P_ = =YH“K 1.70
b T TVECK ( )
where X_ = Coulomb's passive pressure coefficient
- sin (8+9) * (1.71)

sinB{/m- Sin(gzg)(;}I;)Wﬂ}_

For a retaining wall with a vertical back and a horizontal
granular backfill (B=90° and <=0), Eq. (1.70) simplifies to

P = YH? [ .1 ]2
p  Zcos§ (1/cos¢) - {Jtan?¢+tangtans

The variations of Coulomb's earth pressure coefficient [Eq. (1.71)]

(1.72)

with B=90°) (vertical backface) are given in Table 1.5. The vari-
ation of the passive pressure p_ with z can be obtained by substi-
tuting z for H in Eq. (1.70). So

P
p

Lyz2
zYz Kp

So

oP
pp B o(a/sing) = YZKp51nB (1.73)

Figure 1.33c shows the nature of variation of pp along the backface
of the wall.

1.14 PASSIVE PRESSURE BY USING CURVED FAILURE SURFACE

Experience has shown that Coulomb's passive pressure (Section
1.13) derived by assuming plane failure surface in soil gives large
values of Pp which are on the unsafe side of design. Several labor-
atory model tests have shown that the actual failure surface in



Table 1.5. Variation of X_--Coulomb's Case For Vertical
Backface of Wall (B=90°) [Eq. (1.71)1¢

¢ $ i (deg)
(deg) (deg) 0 5 10
26 0 2.561 2.943 3,385
16 4.195 5.250 6.652
17 4.346 5.475 6.992
20 4.857 6.249 8.186
22 5.253 6.864 9.164
28 0 2.770 3,203 3.713
16 4.652 5.878 7.545
17 4.830 6.146 7.956
20 5.436 7.074 9.414
22 5.910 7.820 10.625
30 0 3.000 3,492 4.080
16 5.174 6.609 8.605
17 5.385 6.929 9,105
20 6.105 8.049 10.903
22 6.675 8.960 12.421
32 0 3.255 3.815 4,496
16 5.775 7.464 9.876
17 6.025 7.850 10.492
20 6.886 9.212 12.733
22 7.574 10.334 14.659
34 0 3.537 4,177 4,968
16 6.469 8.474 11.417
17 6.767 8.942 12.183
20 7.804 10.613 15.014
22 8.641 12.011 17.497
36 0 3.852 4,585 5.507
16 7.279 9.678 13,309
17 7.636 10.251 14,274
20 8.892 12.321 17.903
22 9.919 14.083 21.164
38 0 4.204 5.046 6.125
16 8.230 11.128 15.665
17 8.662 11.836 16.899
20 10.194 14.433 21.636
22 11.466 16.685 26.013
40 0 4.599 5.572 6.841
16 9.356 12.894 18.647
17 9.882 13.781 20,254
20 11.771 17.083 26.569
22 13.364 20.011 32.602

“After Bowles (1982)
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soil at passive state is curved as shown in Fig. 1.34. 1In Fig.
1.34, BCD is the failure surface in which BC is curved and CD is a

straight line. The zone ACD is a Rankine passive zone in which the

Wall rotation
about bottom s

b)

=N

[94]

]

/ -

~

A0S

. /
S 4
(/
\

\

\

\

l Ea

(%]

t

<

~

no

Failure
surface

Slip lines

Figure 1.34, Nature of failure surface in soil (at passive state)
behind retaining wall with friction.

slip lines intersect the horizontal ground surface at an angle of
+(45-6/2). Several investiagors have made different assumptions
about the nature of the curved surface BC to obtain the magnitude
of the passive pressure coefficient. A summary of these is given
below.

Assumption on BC

Investigator Year (Fig. 1.34)
Caquot and Kerisel 1948 Arc of an ellipse
Terzaghi and Peck 1967 Arc of a log spiral
Janbu 1957 Arc of a log spiral

Shields and Tolunay 1973 Arc of a log spiral

In this section, Terzaghi and Peck's method (1967) for deter-
mination of the passive pressure using a curved failure surface
will be discussed in detail. Figure 1.35 shows a retaining wall
with an inclined back face and a horizontal backfill which is a
e-¢ soil. If the wall rotates about its bottom, the nature of the
failure surface in soil will be like BCD in which BC is an arc of

a log spiral. ACD is a Rankine passive zone. The center of the
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log spiral will be along the line 0A. The point 0 is the center of
the log spiral. Now, let the failure wedge shown in Fig. 1.35 be

a trial wedge. The forces acting on the soil mass (per unit length
of the wall), ABCE, are as follows.

1. Weight of the wedge ABCE--W. The line of action of W
passes through the centroid of the wedge ABCE.
2. Rankine passive force on the face CE-=Pj. Or

- ' "
Pq = Pg*Pg

r = lop2
where Pg zYHde(Rankine)
and

t = JE T
Pé 2cHd Kp(Rankine)

= CE
3. The resultant of the frictional shear and normal forces
along BC--R. Note that, based on the property of the log sprial,
the force R will be directed along a radial line of the log spiral.
4, The resisting cohesive force along arc BC--C.
5. The resisting adhesive force along the wall face AB--C_.
6. Passive force--P_=p'+P",
The force P! is the contribution of the weight and friction of the
soil, and Pg is the contribution of cohesion of the soil. The
above-mentioned forces are shown in Fig. 1.35. Note that the

forces due to the weight and friction are Pé, W, R, and Pé.

Now, taking the moment of these forces about the center of the

log spiral ©

142 -
Polony ~ i - 2YHGE (Rankine)ta(ry * RO) = 0 (1.74)
or
= 1 1oy2
Fp T Ty w2V (Rankine) Fa (1) (1.75)

In a similar manner, the forces due to cohesion on the soil wedge

"= ‘/_____.._____.‘ ”
ABCE are Cqs C, Pl ZcHd Kp(Rankine)’ and Pp'

Taking the moment about the center of the log spiral 0

_ -
l ZGHdVK

' —
Pﬁzp(Z) - Cale p(Rankine)Zd(Z) - M. =0 (1.76)

where MC = moment due to the cohesive force ¢
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= Ttang (007-08%) 0
or
1
| A— = /_————
P T e+ Cgle + 208y /R o g () (1.78)
= - H _ H
where Cd = CdAB =3 sin(180-B) GC(ETHE) (1.79)

eq adhesion per unit area at the soil-wall interface

So, combining Egs. (1.75) and (1.78)

Pp = Pé+ Bg A (1)[WZ +—'\(Hd p (Rankine) d(l)]
VK .
T——_—{M *Cqle *2eHy p(Rankine) d(2)] (1.80)

p(2)

Several trial wedges like ABCD (such as ABC'D') can now be
taken. For all trials, the centers of the log spiral will lie
along line 04. The magnitude of Pp calculated for each trial wedge
can be plotted as shown in the upper part of Fig. 1.35. A smooth
curve is plotted through these points. The minimum value of Pp ob-
tained from the curve is the desired passive force.

It needs to be pointed out that, for granular backfills, e=0
and hence Ps=0. So

1
P = P! = yH?K 1.81
p p = TVETK, ( )

where Kp = passive earth pressure coefficient

The passive earth pressure coefficient determined in this manner
for horizontal granular backfill and vertical backface of the wall
(B=90°) is shown in Fig. 1.36.

The analysis of Caquot and Kerisel (1948) who assumed BC (Fig.
1.34) to be an arc of an ellipse will not be discussed here in
detail. However, the variation of X_ for vertical backface of the
wall with horizontal granular backfill (e=0) as obtained by using
Caquot and Kerisel's method (1948) is shown in Fig. 1.37.

1.15 OTHER SOLUTIONS FOR PASSIVE PRESSURE (ROTATION ABOUT THE
BOTTOM)

Use of Theory of Plasticity

Rosenfarb and Chen (1972) have developed a closed form solu-
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Figure 1.36. Variation of Ky obtained from Terzaghi and Peck's
method . [vertical backface of wall (B=90°) and horizontal granular
backfilll].

tion for determination of Pp by using the theory of plasticity.
The passive log-sandwich mechaniem of failure wedge developed by
them is shown in Fig. 1.38, in which the backfill is a granular
soil with e¢=0. Along the failure surface, BC and DE are straight
lines, and ¢D is an arc of a log spiral. According to this theory

_ 1 2
P = =K YH
p - 2p"

The values of X_ obtained from Rosenfarb and Chen's theory (1972)
are given in Table 1.6. It needs to be pointed out that when <=0
the values of Kp coincide with those obtained from Coulomb's

theory.

Use of Method of Slices
Shields and Tolunay (1973) have proposed the method of slices

to determine the passive force Pp with a curved failure surface.
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Figure 1.37. Variation of X_ obtained from Caquot and Kerisel's

method (1948) [vertical backface of wall (8=90°) and horizontal
granular backfill].

Rotation about
bottom of wall

Granular backfill
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¢
]
Sk g
Figure 1.38. Passive log-sandwich mechanism for determination of

P .
p
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Table 1.6. Values of K_ Obtained From Theory of Plasticity--
Log-Sandwich Failure Mechanism?

i 6 ¢ (deg)

(deg) (deg) 30 35 40 45
10 0 4.01 5.2 6.68 8.93
20 0 5.25 7.03 9.68 13.8
30 0 6.74 9.50 14.0 21.5
10 10 5.7 7.61 10.4 14.9
20 10 7.79 10.9 15.9 24.4
30 10 10.3 14.7 23.6 39.6
10 20 7.94 11.2 16.3 24.9
20 20 11.2 16.5 25.6 42.4
30 20 15.1 23.2 41.0 70.2
10 30 10.6 15.8 24.6 40.7
20 30 15.2 23.2 39.5 70.3
30 30 20.8 34.8 62.0 -~

“After Bowles, 1982

This can be explained by means of Fig. 1.39. Figure 1.39a shows a
vertical retaining wall with a horizontal granular backfill. At
passive state 4BCD is the failure surfacc in soil. BC is an arc of
a log spiral. 0 is the center of the log spiral. The zone ACD is
the Rankine passive zone. By trigometric procedure, it can be
shown that the angle B'BB"'=A, or

b= 90° ¢ -a (1.82)

(NOTE: BB' is a horizontal line.)

a, = %{?rc cos[cos(¢—6)— Ei%é%%§11—¢—6} (1.83)

The angle o is considered positive which it is above the horizon-

tal line and negative when it is below the horizontal line. Hence
§ = 180°-(90-A)-(90+45-¢/2) = A-45°+¢/2 (1.84)
Using the law of sines for the triangle 0AB

i . 0B
sin®  SIn(135-¢/2)

or

0B = LEiELlii:ﬁLELJH (1.85)

sin®
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Similarly
— _[sin(90-4)

Also, from the properties of a log spiral

T =

Q)
o

(eetan¢) (1.87)

Knowing 04 and OC, the height of CE can be determined as

Hy = CE = taﬁlﬁ‘)sin(45-¢/2) (1.88)

As in Section 1.14, the Rankine passive force on the soil wall CE

is equal to

Py = TyEitan? (45+¢/2) (1.89)

Now the wedge ABCE can be divided into several vertical slices
slices. Figure 1.39b shows one of the slices with the forces (per
unit length of the wall) acting on it. Summing the horizontal

forces
E + dE - E - Rsin(a+¢) = 0
or
dE = Rsin(a+¢) (1.90)
Again, summing the horizontal forces
W+ X + dX - X - Rcos(at¢g) = 0
or
W + dX = Rcos(a+d) (1.91)

Combining Eqs. (1.90) and (1.91)

dE = (W+dX)tan(a+¢) (1.92)
So

P_cosS = (L dE) + Py = [Z (W+dX)tan(o+¢)] + Py

P BC BC

Without losing too much accuracy, we can assume that for all slices
except for the one closest to the wall, dx»0. At the wall, a=a

w
and dX=Ppsin6. So
Ppcosd = {igCWtan(u+¢)] + Ppsinétan(uw+¢)} * Py (1.93)

Pp[cosé-sinétan(uw+¢)] = Pd-+gC[Wtan(a+¢)]

or
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Pd + I [Wtan{o+¢)]
= B¢ = Lyp2g (1.94)
Pp ~ Cosd-sindtan(a +9) = g P ’

where Kp = passive earth pressure coefficient

Pd + ¥ [Wtan(o+¢)]
2 BC
vH? c058-51n6tan(uw+¢)

(1.95)

The values of Kp determined in this manner are given in Table 1.7.

Table 1.7. Values of X_ For Vertical Retaining Wall (B=0)

With Horizontal Granular Backfill (e¢=0) As Determined From
The Method of Slices

s ¢ (deg)
(deg) 20 25 30 35 40 45

0 2.04 2.46 3.00 3.69 4.60 5.83

5 2.27 2.78 3.44 4,31 5.46 4,09
10 2.47 3.08 3.86 4.92 6.36 8.43
15 2.64 3.34 4.28 5.53 7.30 9.89
20 2.87 3.61 4.68 6.17 8.3 11.49
25 4.0 5.12 6.85 9.39 13.20
30 5.81 7.61 10.60 15.31
35 8.85 12.00 17.65
40 14.40 20.48
45 25.47

1.16 DUBROVA’S METHOD FOR CALCULATION OF PASSIVE PRESSURE
DISTRIBUTION

Dubrova's method (1963) for calculation of the active pressure
distribution behind a rough wall with a vertical back (B=90°) and
having a horizontal granular backfill has been discussed in Section
1.10.1 for wall rotation about its top and in Section 1.11 for
lateral displacement of the wall. A similar procedures can be
adopted for determination of passive pressure distribution behind
a rough vertical wall with a horizontal granular backfill. Figure
1.40a shows a vertical retaining wall with quasi-rupture lines in
the failure wedge in the soil. If the rotation of the wall is
about the bottom (point B), then the angle which the resultant of
the shear and normal forces along a quasi-rupture line will make

with the normal is equal to ¢’, or

Y
or = 25 -
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Wall rotation
about bottom

Quasi-rupture
line

Wall rotation
a
(2) about top

(b)

Figure 1.40. Dubrova's method for calculation of passive pressure
distribution--granular backfill.

The resulting passive pressure distribution as given by
Dubrova (1963) 1s as follows

- [ ycos2g! ] [z ¢z2(sing'+n) } (1.96)

(1+nsing ') %cosd H(I+nsing ")cos¢’

where n = 1+ (%%%%9 (1.97)

Similarly, for wall rotation about the top (Fig. 1.40b)

- _%z
A (1.98)
24t 2 . ,
= YCOS< ¢ $z%(sing '+n)
) 1.99
P [ (1+nsin¢’)2cosd] [z+ H(1+n51n¢')cos¢’] ( )
_ tangd
as before, where n = 1 +(Eﬁﬁ$)

The passive pressure at a depth z below the ground surface for

horizontal wall translation can be obtained as

p : +p .
p(rotation about p(rotation
. _bottom) about top)
Pp(translation) 7 (1.100)
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1.17 EXPERIMENTAL RESULTS FOR PASSIVE PRESSURE

Relatively little experimental work has so far been done to
determine the passive earth pressure distribution behind a wall.
Narain, Saran, and Nandakumaran (1969), Saran and Deo (1974), and
Rowe and Peaker (1965) have provided valuable laboratory experimen-
tal results to compare with the existing theories. Following are
brief discussions on the available experimental results.

1. Shields and Tolunay (1973) have compared their theoretical
values of Kp obtained by the method of slices (Section 1.15) with
those obtained experimentally by Rowe and Peaker (1965). For
loose sands (¢=34°), the experimental values of XK_ were somewhat
higher than those obtained theoretically. For dense sand backfill,
the theoretical and experimental results were fairly close.

2. Narain, Saran, and Nandakumaran (1969) have conducted sev-
eral laboratory model tests with a rough wall having a vertical
back and horizontal granular backfill (loose and dense states of
compaction). Passive pressure at various depths of the wall was
measured when the wall was subjected to rotation about its bottom,
rotation about its top, and horizontal translation. The properties
of the backfill sand were as follows

Loose state of compaction
$=38.5°
§=23.5°

Relative density of compaction=31,5%

Dense state of compaction
$=42°
§=23.5°

Relative density of compaction=70.25%

The distribution of the horizontal components of passive pressure
ppcosd [=(3P_/33)(coss§)] at various depths of the wall for loose
and dense sand backfill showed that the passive force P_ is highest
when the wall is rotated about the bottom, and minimum when it is
rotated about the top. A comparison of Kpcosé values obtained from
these tests is as follows.

Loose sand backfill

Experimental Rotation about bottom: 9.10
Kpcosé Rotation about top: 6.70
Translation: 8.40
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Coulomb: 13.6

Rankine: 4.0

Caquot and Kerisel (1948): 11.8
Terzaghi (1943): 7.85

Shields and Tolunay (1973): 7.5

Theoretical

K_cosé
P

Dense sand backfill

Experimental Rotation about bottom: 10.10
Kpcosé Rotation about top: 6.950

Translation: 8.80

Coulomb: 19.94

Rankine: 6.05

Caquot and Kerisel (1948): 18.0
Terzaghi (1943): 16.6

Shields and Tolunay (1973): 9.43

Theoretical

K_cosd
p

As can be seen from the above comparison, the experimental values
of X _cosé for wall rotation about the bottom with dense sand back-
fill compares reasonably well with the theory of Shields and
Tolunay (1973).

3. Saran and Deo (1974) have also presented some laboratory
experimental results for X _cosé for a vertical retaining wall with
a horizontal sand backfill (dense and loose states of compaction)
with and without a surcharge ¢ (load per unit area) on the surface
of the backfill. According to the fundamental theory of passive

pressure
Ppcosé (without surcharge) = %szKpcosé (1.101a)
and

Ppcoss (with surcharge g on the surface of the backfill)
= (—;—YH2+qH)Kpcos§ (1.101b)

Following is a summary of the experimental results of the X_cosé
values as obtained by Saran and Deo (1974). From this table, it
can be seen that, for all modes of wall rotation, the magnitudes of
Kpcosd with surcharge are lower than those obtained without a sur-
charge. This means that the values of X_as related to the sur-
charge ¢ may be somewhat smaller than those related to the unit
weight of soil, .
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Kpc056 Kpcosd with
without surcharge
Wall movement surcharge

(g=2.02 kN/m2)

Loose sand backfill

Rotation about bottom 10.3 9.0

Rotation about top 8.0 7.2

Translation 8.7 8.1
Dense sand backfill

Rotation about bottom 11.0 9.8

Rotation about top 8.9 8.1

Translation 9.9 9.1

1.18 WALL ROTATION REQUIRED FOR PASSIVE EARTH PRESSURE
CONDITION

The approximate magnitudes of the wall movement (rotation
about the bottom) necessary to create a passive state in the fail-
ure wedge of the soil are given in Table 1.8.

Table 1.8. Approximate Magnitude of the Wall Movement
(Rotation About the Bottom) For Development of Passive State

Type of backfill w (radians)
Dense sand 50x10-4
Loose sand 100x10-*
Stiff clay 100x10-%
Soft clay 500x10-%

The experimental works conducted by Narain et al. (1969) have
shown that the wall rotation about the bottom (w) required for the
development of the passive state is about 85x10-% radians for loose
sand, and it is about 65x10-% radians for dense sand backfill. For
wall rotation about the top, the magnitudes of w were 65x10-"%
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radians for loose sand and 40x10-* radians for dense sand. The
same experimental results also showed that the translation of the
wall required for development of the passive state in granular
s0il backfill are as follows:

State of compaction

of backfill S/HE (%)
Dense 6.4
Loose 8.55

“s=lateral translation of the wall toward the
soil; A=height of the wall

STABILITY OF CUTS IN CLAY AND PRESSURE ON SHAFT LINING
1.19 STABILITY OF SLURRY TRENCH CUTS IN SATURATED CLAY

Open cuts in clayey soils are quite common in the construction
industry. Sometimes these cuts are filled with a clay slurry of
negligible shear resistance to increase the depth of the cut with-
out failure. In this section, the short-term stability of open
cuts in saturated clay (¢=0; total stress concept) will be dis-
cussed. The following concept wasderived by Meyerhof (1972).

Figure 1.41 shows an open cut in saturated clay having an un-
drained shear strength of s=c . The open cut is filled with a
slurry having a unit weight of Y. For a long cut, according to
the Rankine active pressure theory [Eq. (1.18)], with ¢=0 (Ka=0)

- Y__
Slurry L
- Saturated clay
e . Unit weight=y
z ol : e $=0

- Unit .
‘. : - . g=c¢_ (undrained shear

weight Vs v strength)

H

— —

Figure 1.41. Open cut in saturated clay filled with a slurry.
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p, = (v=vg)z -2¢, (1.102)

where p, = Rankine active earth pressure at a depth =z
Y

1]

unit weight of saturated clay

Y unit weight of slurry

s
The total active force up to a depth z is

P, = ].padz _[[Y—Ys)z —Zcu]dz

2
(-v)5— - 20,2 (1.103)

The critical depth z=H_ at which Py is equal to zero (for z>H
failure will occur) can be determined as

12
Pa = (Y'Ys)fg mloyf =0
or
g = oy (1.104)
C Y=Y

For circular trenches (of diameter B) or square trenches (of
side B) Eq. (1.102) can be modified (Hencky, 1923)

P, = (r-vg)s - 2[t( 22+ 1)+ 1] (1.103)

The above modification is due to the fact that, for cylindrical
cuts, plastic flow of the soil occurs in both planes (that is,
horizontal and radial). Hoop stresses act normal to the radial
planes. The hoop stresses are approximately equal to the vertical
stress near the face of the cut. At greater distances, the hoop
and radial stresses both approach the earth pressure at rest.
Meyerhof (1972) has used several simplified approximations
and has provided the following relationship for estimation of the

critical depth of cut (HC) for square, circular, and rectangular

cuts,
Ncu
HC = m (1.106)
o S
where N = stability factor = 4(14—%) (1.107)
L = length of the cut
' = effective unit weight of clay = Y=Yy
Yé = effective unit weight of the slurry = Ys~ Yy
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unit weight of water

<
I

K, = coefficient of at-rest earth pressure (Section 1.2)

The factor of safety against failure of trenches may be de-
fined as
Ne

o= u (1.108)
S Pom)TPi()

where F_ = factor of safety

Po(H) ~ maximum horizontal earth pressure (that is, at a depth
H) from the soil side
PiH) T maximum horizontal pressure from the slurry side

Meyerhof (1972) has recommended a minimum value of FS=1.3 for use

in construction.

Example 1.8. Consider an open cut in saturated clay with B=5 ft

and L=20 ft. For the clay, ¢ =600 1b/ft2. The cut is filled with
water. Given: saturated unit weight of clay=y=122 1b/ft? and KO=
0.6, Determine the critical depth of the cut at which failure will

occur.
Solution

Given B=5 ft; L=20 ft. B/L=5/20=0.25. So, from Eq. (1.107)
mo= 4+ = a1v0.25) =5
Hence

g oo M (5) (600) _ 3000 _ gxg et
¢ T XTI T 06)(I22-67.9) - (62.4762,47 T 3576 © 2 it

Example 1.9. Consider a cut in saturated clay with B=5 ft and L=
20 ft. The cut is 40 ft deep. The water table is located 10 ft

below the ground surface. Given: K0=0.6 and cu=450 1b/ft2. De-
termine the factor of safety Fg.

Solution

As in Example 1.8, B/L=0.25, so N=5. At the bottom of the

cut

Poqy = KolY(10) + ¥/ (30)1 +v, (30)

0.6[(120)(10) + (120-62.4)30] + (62.4) (30)
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1.756.8 + 1,872 = 3,628.8 1b/ft?

Piy T Y, (30) = (62.40(30) = 1,872 1b/ft?

So, from Eq. (1.108)

Ne

F o= oY - 5) (450 = 1.28
s R .8-1, —

PoH) Pi()

1.20 STABILITY CF UNSUPPORTED AXISYMMETRIC EXCAVATIONS IN
SATURATED CLAY

The stability of unsupported axisymmetric excavations in satu-
rated clays has been analyzed by Britto and Kusakabe (1983). Ac-
cording to their analysis, the undrained shear strength of satu-
rated clays can be expressed as

cu(z) = cu(o) + ka (1.109)

where cu(z) = undrained shear strength at a depth z below the
ground surface
cu(o) = undrained shear strength of clay at the ground sur-
face (that is, z=0)

k a constant

This type of variation of the undrained shear strength is
shown in Fig. 1.42a, which generally occurs in normally consoli-
dated eclay deposits. Figure 1.42b shows a circular excavation
having a diameter B. The depth of the excavation is equal to H.

For this cut, two nondimensional parameters can now be defined, and

they are
YH
N = o (1.110)
cu(o)+kH
and
c
o= —ulo) (1.111)
c +kH
u(o)

where N = stability factor
vy = unit weight (total) of the soil

Britto and Kusakabe (1983) analyzed the stability of the exca-
vation by using the upper bound theorem of plasticity. The varia-
tion of ¥ against ¥ thus determined by them is shown in Fig. 1.43.

For a given excavation, if k, H, B, and cu(o) are known, the value
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2
Eq. (1.109)
[ u(2) —’l
(a)
Figure 1.42. (a) Undrained shear strength variation as defined by

Eq. (1.109); (b) Circular excavation in saturated clay.

of ¥ [Eq. (1.111)] can be obtained. For known values of ¥ and 2H/B
Figure 1.43 can be used to obtain the stability factor. The criti-
cal depth of the cut can be obtained as

g - ¥y (o) (1.112)
[ YM :

Example 1.10. A cylindrical cut in saturated clay is made. Given:
B=3 m and H=2.5 m. For the clay, cu(o =15 kN/m?, k=1.5 kN/m3, and
v=17.5 kN/m®. Determine the critical depth of the cut.

Solution

From Eq. (1.111)

“u (o) 15 - _15 - 0.8

M= %0 (o) FE c TTTTTYISY T OITUS T

Also
2H/B = (2)(2.5)/3 = 1.67
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. el
: Saturated clay
3 Unit weight=y
o o Undrained shear
z it - strength=c
e L u
H .
i i
L2
.- \."

— o
(b)
Figure 1.42. (Continued).

From Fig. 1.43, for ¥=0.8 and 28/B=1.67, the value of ¥ is
equal to 5.8. Again, using Eq. (1.112)

Ne
g = u(o) _ (5.8)(15 = 6.21 m
c VM (37.5%(6.%5 —_

1.21 LATERAL EARTH PRESSURE ON LININGS OF CIRCULAR SHAFTS IN
SAND

In many instances in the construction of drilled piers and
other substructures, linings are placed in drilled shafts. The
problem of lateral earth pressure on drilled shafts has been ana-
lyzed by Terzaghi (1936), Karafiath (1953a,b), Schultz (1970),
Berezantzev (1958), and Prater (1977). The results of the studies

will be presented in this section.

Berezantev's Analysis (1958)

The insert in Fig. 1.44 shows a shaft lining in sand. The
diameter of the shaft is equal to B, and the depth of the shaft is
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equal to H. Berezantzev (1958) applied Sokolovski's step-by-step
method of solution of 1imit equilibrium. According to his study,
the’total horizontal lateral force on the shaft lining can be given
as P,. The force on the lining per unit circumferential length 1is

t
equal to P, or

e

P = (1.113)

The magnitude of P can be expressed in a nondimensional form as
2P/yHB (or 2P/yzB). Figure 1.44 shows a plot of 2P/yzB vs. 2z/B
for various values of the friction angle of the sand (¢).

Prater’s Analysis (1977)

Prater (1977) has extended the theories of Karafiath (1953)
and Steinfeld (1958), in which the failure surface around a cylin-
drical shaft is assumed to be a plane as shown in Fig. 1.45a. The
friction angle between the shaft and the soil is assumed to be
zero. In order to determine the total force P, on the shaft lining
we need to consider a trial failure wedge. Figure 1.45b shows the
elementary sector of a failure wedge. From this, the weight of

the soil is
s = L0 [ (2spper2) 4 nhin?] (1.114)

where v = unit weight of soil

= radius of the shaft = B/2
= diameter of the shaft
Hcot6+r (Fig. 1.45a)

= depth of the shaft

oy W R
i}

Combining Eqs. (1.114) and the above relation for R

AW = (y)(Au')(-—H3 . Alr > (1.115)

6tan?a 2tan®

The tangential force T (Fig. 1.45b) has a radial component

which can be given as

B . Aot
AF = ZTSln(—Y—) (1.116)
However
L Dot Ao’
sin(=—-) = —— (1.117)

So, combining Eqs. (1.116) and (1.117)
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Shaft lining

Failure
wedge

(a)

(b)

Figure 1,45, Prater's analysis (1977) for lateral force on shaft
lining in sand.

AF = T(Aa') (1.118)

The magnitude of T can be given as

7= ]é-{-g%-g (1.119)
where XK = an earth pressure coefficient
Hence

AF = %{-g-na—e(m') (1.120)

In Fig. 1.45a, @ is the resultant of the normal and shearing

forces along the trial sliding surface which acts at an angle RB'
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with the normal (drawn to the trial failure surface). The limits
of B’ can vary with -¢<B’<¢. The value of B'=-¢ represents the ac-
tive condition, and B'=+¢ represents the passive pressure condi-
tion. For equilibrium of forces acting on the elementary sector of

the wedge shown in Fig. 1.45b

AP, = (AW)tan(8+B8')-AF (1.121)

Substituting Eqs. (1.115) and (1.120) into Eq. (1.121)

AP, = (Ztane)(Au’){[tan(e+g')](g?gﬁg-+p)-%E} (1.122)

Hence, the total force on the shaft can be given as

fAPt = NYH ){[tan(9+8')](g?gﬁ— H) -”} (1.123)

In order to obtain the value of 6=0_, which will yield the
maximum value of P, we need to use the theorem of maxima and min-
ima, or

9P

to_
55 = 0 (1.124)

Combining Egs. (1.123) and (1.124) results in the following

1 X
r o Stané[z -X - 3tanie+8’i] (1.125)
H~ X -1 :
_ sin2@
where X' = —— (1.126)

Once Eq. (1.125) is solved, the value of e=ecr can be substi-

tuted into Eq. (1.123) to obtain the maximum value of P Figure

p
1.46 gives the values of ecr thus obtained for B'=-¢ and X=1-sind¢.

(Note this relationship for X in Section 1.,2.) The total lat-

o(n)
eral force on the shaft lining can now be expressed as
P
e S ¢
R ) (1.127)
where P = force per unit length of the circumference of the shaft
lining
K. = coefficient of earth pressure on the cylindrical shaft
= L [tan(6__+8')] L .r X
(r/H tanéCr cr Ztanécr ) T F (1.128)

It needs to be pointed out that the earth pressure coefficient
X, will be equal to zero if COtecr=0’ or
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Figure 1.46. Variation of 6:ecr from Eq. (1.125) (for X=1-sing¢).
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sinz(ecr+8') = Ksin?8@ (1.129)

With proper values of ecr and B’, Eq. (1.128) can be solved to
determine the critical values of r/H=(r/H)Cr. Theoretically, the
above exercise means that, if r/H>(r/H)Cr, no earth pressure is
exerted over the shaft lining. Using the proper values of ecr in
Eq. (1.128), the magnitudes of L for B'=-¢ and k=1 and XK=1-sing¢
have been determined. These are given in Figs. 1.47 and 1.48.
These graphs can be used to determine the magnitudes of the force

per unit length P on the shaft lining. Prater (1977) has suggested

JANN

-

¢=20°

NN
N

407\ 350
45°
0 \\\\\
2

V

v

>
~3

H/»r

Figure 1.47. Variation of K for B’=-¢ and k=1.0 [Eq. (1.128)].
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Figure 1.48. Variation of B’=-¢ and K=1-sin¢ [Eq. (1.128)].

that, for realistic values of P, one must assume tan?(45-¢/2)<K<
tan2 (45+4¢/2).

Example 1.11. For a shaft lining in sand which is 6 ft in radius
and 24 ft in depth, determine the force P per unit length of the
circumference. The soil properties are as follows: ¢=30° and y=
115 1b/ft3. Use Berezantzev's procedure.

Solution
B/p =24/6 = 4
From Fig. 1.44, for ¢=30° and y=115 1b/ft3, P/yHr=0.39. So



P =

Example 1.12.

=-¢ and

Solution

iR

-

From Fig.

0
cr

Also,

(%)

from

95
(0.39) (115) (24) (6) = 6,458.4 1b/ft

Solve Example 1.11 by using Prater’'s method. Use

K=1l-sing.

Sp-0.25
30°

1.46, for the above values

R

65.5°

Fig. 1.48

s wawad 0.0078

cr

Also, from the same figure, for HA/r=4 and $=30°, the value of K =
0.22. So
- YHEZ, L (115)(24)2  _
P = K (=) = (0.22) s 7,286 1b/ft

Example 1.13.

Consider Example 1.12., Determine the variation of

the lateral force per unit area of the shaft lining with depth z.

Solution

We will have to use a step-by-step incremental procedure, that

is
P -P
_ (22) (31)
reitay #2721
—
3173
where p 5. +z = force per unit area at a depth of —_—
2
(=)
P(z ) = total force per unit length of the circumference
2 for depth z,
P(z ) = total force per unit length of the circumference
1

Now the following

for depth 24

table can be prepared.
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+ -
z 21222 )i g Kra P 'P(zz) P(zl) p<zl+zz)
r
2
(ft) (ft) (1b/ft) (1b/ft) (1b/ft2)
0 0 0 0
2 287.04 72
4 0.67 0.312 287.04
6 772.76 193
8 1.33 0.288 1,059.8
10 1,192.4 298
12 1 0.272 2,252.2
14 1,516.1 379
16 2.67 0.256 3,768.3
18 1,659.7 415
20 3.33 0.236 5,428
22 1,856 464
24 4 0.22 7,286

“From Fig. 1.48

1.22 [ATERAL EARTH PRESSURE ON LININGS OF CIRCULAR SHAFTS IN
SATURATED CLAY

Prater (1977) has also extended his theory on earth pressure
on shaft lining (Section 1.21) in sand to that in saturated clay
(total stress analysis, ¢=0 condition). Figure 1.49 shows a shaft
of radius » and depth & (similar to that in Fig. 1.45a) along with

the forces acting on a trial wedge. The adhesive force between the

Clay
Trial ¥
wedge $=0
e
u

Figure 1.49. Lateral earth pressure on lining of circular shaft in
saturated clay.
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clay and the shaft lining is neglected. Now, the total weight of

the trial failure wedge can be given as
= vl LEZ A3 >
W o= Yﬂ<——-—-+—————— (1.130)
tanb - zian2g

The cohesive force ¢ along the failure wedge surface is given by
the relation

[<3I) / 2
_ _u 2rH H
¢ = goso\tano * tan26> (1.131)

where e, T undrained shear strength
As in the case of a shaft lining in sand (Fig. 1.45b)

2m

2m
3
Fe [ (mydar - [ o (1.132)
0 0

where X = an earth pressure coefficient

For equilibrium of the failure wedge

27
KyH? .
¢ +cos8|P, +[ (61‘5?6 do'| -wsine = 0 (1.133)
0 .

Substitution of Eqs. (1.130) and (1.131) into Eq. (1.133) yields

_ o[ H(1-K) Cy < 2 H )]
p, = ﬂryﬁz[ +1 - + (1.134)
t r(3tant) YH2C0528 tan® rtan2b

For maximum value of Pt

oP
.._-t—=0

ElE
Solution of the preceding equation yields

H _ (1-tanZ6)
1. (1.135)

Ete _ (1-100\(17]

If the value of X is assumed to be one, Eq. (1.135) takes the

form
LA (tan6) (1-tanZ6) (1.136
p .136)
The solution of Eg. (1.136) will given e=ecr for a maximum value of
Py (for X=1). These critical values of 6=0_,. are shown in Fig.

1.50. These values of 6=6_., when substituted into Eq. (1.134)

will result in the maximum value of P¢. So, the maximum force



08

cr

Figure 1.

per unit

where N*

or

where X
T

70

65 4

60 ,

55

50

45

0 4 8 12 16
H/r

50. Variation of e=ecr against H/r [Eq. (1.136)1.

length of the circumference (P) is

P

: - 2< N* )

= ZNH2 1 ~ —— (1.137)
m 2 siné __cos3@
cr cr
“u

= stability number = il (1.138)
L 2

K YH (1.139)

= earth pressure coefficient
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N*
= 1- (1.140)
siné _cos38
cr cr
Figure 1.51 shows the variation of K. with H/r and n*.
0.9
\ N*=0.,01
AN
0.02
0.7 \ =
0.03 \
0.6 \ \
\\ 0. 04 \
0.5
K
T
\\ 0.05\ \
0.4 a
\ \\ 0'06\ \ \
. \ \ \ \
0.2 AN
0.08 \ \\
0.1
0.10 \ \
0
0 4 8 12 14
H/r
Figure 1.51. Variation of K, with H/» .and ¥* [Eq. (1.140)].
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From Eq. (1.140), it can be seen that Kr=0 when

N* = sinecrcos36Cr (1.141)
or
c
B, = - (1.142)
i 3
Y 31necrcos ec

T

where H. = critical depth at which the earth pressure on the shaft

lining 1is equal to zero

Example 1.14. Determine the force per unit length of the perimeter
for a shaft lining in clay. Given: cu=24 kN/m?2, y=17 kN/m3, H=

24 m, and r=3 m,

Solution
E 24 m _ 8
r I m
<]
u _ 24 -
v~y 000

From Fig. 1.51, for H/r=8 and cu/yH=0.059, the value of K is equal
to about 0.12. So

P = (%)(0.12)(17)(24)2 = 587.5 1b/ft
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CHAPTER 2

Sheet Pile Walls

2.1 INTRODUCTION

Earth retaining walls used for many waterfront structures are
generally made from connected or semi-connected sheet piles. An
advantage of sheet pile wall construction is that dewatering is not
required during construction. Sheet piles can be made from wood,
precast concrete, or steel.

Wooden sheet piles are generally used for small or temporary

structures. Figure 2.1 shows the sections of some typical wooden

@ AN

Spline

® V// /AR

Figure 2.1. Wooden sheet piles: (a) Wooden planks driven side by
side; (b) Wooden plank with splines.

sheet piles. Figure 2.la shows the sections of wooden planks which
are driven side by side, and Fig. 2.1b shows the sections of
splined wooden sheet piles. For this type of sheet pile wall con-
struction, metal splines are driven into the grooves of adjacent
sheetings to hold them together after they are driven. Wooden
sheet piles may be 2-3 in. (50-75 mm) thick and 12-16 in. (300-400
mm) wide.

Figure 2.2 shows the section and elevation of a precast con-
crete sheet pile generally used for construction. These sheet
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Cement
grout

| _— Reinforcement

Figure 2.2. Precast concrete sheet pile.

piles are 5-10 in. (125-250 mm) thick and 20-40 in. (500-1000 mm)
wide. After the sheet piles are driven, cement grout is placed in
the grooves between two adjacent sheet piles.

In most permanent structures, steel sheet piles are used.
Steel sheet piles may generally have a Z-type section, a U-type
section (or low or high arch type section), or a straight web-type
section, as shown in Fig. 2.3, Steel sheet piles are easier to
handle, and they can tolerate high driving stresses. The allowable
flexural stresses for steel sheet piles are between 30,000-25,000
psi (=210-170 MPa). Sheet piles generally weigh between 15-65
1b/ft? of the wall area. Usual thicknesses of sheet piles vary
from 0.25-0.8 in. The sheet pile interlocking arrangement may be of
two types: ball-and-socket type or thumb-and-finger type, as shown
in Fig. 2.3. Table 2.1 gives the properties of the sections of
some of the sheet piles produced by the United States Steel Corpor-
ation.

2.2 TYPES OF SHEET PILE WALLS
Sheet pile walls, in general, may be divided into two types:
cantilever sheet pile walls, and anchored sheet pile walls. Figure

2.4 shows a cantilever sheet pile wall with a granular soil back-
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(a)

(b)

© H
— > —H

Figure 2.3. Steel sheet pile section: (a) Z-type sections with

ball-and-socket type of interlocking arrangement; (b} U-type sec-
tion with thumb-and-finger type of interlocking arrangement; (c)

straight web-type section. (Note: b=driving distance; see Table
2.1.)

fill penetrating into a granular soil. It is important to note
that this type of wall is usually not recommended for wall heights
(that is, height above the dredge line) greater than about 20 ft
(=6 m). These walls are subjected to a net active pressure between
the levels of 4 and B from the land side. Note that the water
pressure from the land side and the water side will cancel each
other, so only the effective stresses need to be considered. Due
to the large active force above the wall, it will rotate about a
hinge point ¢. Hence, between the levels of B (dredge line) and C,
there will be active pressure from the land side and passive pres-
sure from the water side. However, between the levels of ¢ and D,
there will be passive pressure from the land side and active pres-
sure from the water side. The probable net pressure diagram along
the depth of the sheet pile wall will be as shown by the broken
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Table 2.1. Properties of Some Steel Sheet Pile Sections Produced
by the United States Steel Corporation
Driving? Moment of Section
Type distance Designation inertia 7 modulus S
(in%/ft (in3/ft
(in.) of wall) of wall)
Z 18 PZ-38 280.8 46.8
21 PZ-32 220.4 38.3
18 PZ-27 184.2 30.2
U 16 PDA-27 39.8 10.7
19.6 PMA-22 13.7 5.4
16 PSA-28 4.5 2.5
16 PSA-23 4.1 2.4
Straight 16.5 PSX-32 3.7 2.4
web 15 pPs-32 2.9 1.9
15 PS-28 2.8 1.9

IRefer to Fig. 2.3 for definition

Deflected

Net
active
Dredge force
line —\
Net Sand
active
force
Net
passive
D force
Figure 2.4. Cantilever sheet pile wall.

line. For computation purposes, they are idealized as shown by

solid lines in Fig. 2.4. The required depth of penetration is de-

termined considering the force equilibrium and the moment
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equilibrium conditions.

Anchored sheet pile walls, or anchored bulkheads, can be sub-
divided into two main categories based on their method of design:
free earth support method of design and fixed earth support method
of design. These types of walls can be constructed up to a height
of about 50 ft (=15 m) measured above the dredge line. The {free
earth support method is usually referred to as the method of least

penetration. Figure 2.5 demonstrates an anchored sheet pile wall

Water
level
Deflection
of sheet
piles Net
active
force

Net

passive
force ,/’//”

Figure 2.5. Anchored sheet pile wall--free earth support method of
design.

designed by the free earth support method. In this method, an an-
choring system is provided towards the top of the wall. The depth
of penetration below the dredge line is such that it provides some
passive force from water side for stability. Compare the lateral
earth pressure diagrams shown in Figs. 2.4 and 2.5 and note the
level of point E in Fig. 2.4. Relatively speaking, the level of
point ¢ in Fig. 2.5 is between the levels of points B and E in
Fig. 2.4.

A fixed earth support method of design for an anchored sheet
pile wall is shown schematically in Fig. 2.6. The required depth
of penetration of sheet piles for this type of design is larger
than that required by the free earth support method of design.
Compare the lateral earth pressure diagrams shown in Figs. 2.4, 2.5
and 2.6. Note that the level of point # in Fig. 2.6 is lower than
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Figure 2.6. Anchored sheet pile wall--fixed earth support method
of design.

that of point ¢ in Fig. 2.5 and is between the levels of points F
and D in Fig. 2.4,

The free earth support design method is preferable when clay
soil is present below the dredge line, or when hard soil is en-
countered at a limited depth below the dredge line which may cause

problems when sheet piles are driven to a greater depth.

2.3 ANCHORS IN SHEET PILE WALL DESIGN

It has been pointed out in the preceding section that anchors
are generally used for construction of sheet pile walls. These an-
chorages can be of various types, such as vertical plate anchors,
batter anchor piles, and tie backe. Tie backs are stressed tendons
of high-strength steel. Figure 2.7 shows the general nature of
placement of these anchors. It is important to note the placement
of the anchor (that is, the length of tie rods) in order to avoid
interference between the active soil wedge behind the retaining
wall and the passive soil wedge in front on the anchor. The gener-
al safe locations of the anchors are also shown in Fig. 2.7. The
holding capacity of plate anchors (which may consist of prefabri-
cated steel or concrete slabs) in sand and clay is described in
more detail in Chapter 3. Note that, in Fig. 2.7, t=two-thirds the
design depth of penetration (D) for the fixed earth support method
of design, and t¢t=design depth of penetration (D) for the free earth
support method of design (Cornfield, 1975).
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Anchors in sheet pile wall design.

CONSTRUCTION METHODS FOR™SHEET PILE WALLS

The construction methods for sheet pile walls can be divided

into two basic categories (Tsinker,

and dredged structures.

1983): backfilled structures

In the backfilled structure, the general

sequence of construction is as follows:

1. Dredging of the im situ soil in the front and back of the
back of the proposed structure (Fig. 2.8a).

2. Driving of the sheet piles (Fig. 2.8b).

3. Backfilling up to the level of the anchorage (Fig. 2.8c).

4. Backfilling up to the top of the wall (Fig. 2.8d).
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Figure 2.8, Sequence of construction of a backfilled structure.

Steps 3 and 4 are not required for cantilever walls.
The sequence of construction of a dredged structure is as
follows:

1. Driving of the sheet piles (Fig. 2.9a); construction of
the anchor system.
2. Backfilling up to the anchor level (Fig. 2.9b).
3. Backfilling to the top of the wall (Fig. 2.9c).
4. Dredging the front side of the wall (Fig. 2.9d).
For cantilever sheet pile walls, Step 2 is not required.

The construction sequence has a great impact on the net earth
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Figure 2.9. Sequence of construction of a dredged structure.

pressure distribution on the sheet pile wall.

2.5 LATERAL EARTH PRESSURE--GENERAL CONSIDERATIONS

For the design and analysis of sheet pile walls, Coulomb's

earth pressures are considered adequate in most cases. This means

that, for active and passive pressures in granular soil

= '
pa UvKa

and

(2.1)

(2.2)
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where Pys pp = intensity of active and passive pressures
06 = vertical effective stress at the depth under consid-
eration
Xy Kp = Coulomb's earth pressure coefficients

The horizontal components of the lateral pressures (paH and

ppH) at a certain depth can then be given as

Pay = pac056 = O&Kacosé = OGKaH (2.3)
and
ppH = ppcosd = oéKpcosé = GJKpH (2.4)
where Kog = Kac056
KpH = Kpcos6
§ = so0il and sheet pile interface friction angle

For calculation of K, or Koys the magnitude of § is often
taken as zero, or ¢/2. The assumption 6=0 is on the safe side of
the calculation. For passive pressure coefficient calculation, &=
2/3(¢) may be assumed. However in many cases, it is not unusual to
assume 6=0.

In the following sections, the mathematical derivations for
the depth of penetration for sheet pile walls into sand and clay
layers will be derived. For these cases, the terms Koy and KpH
will be used. For undrained conditions in clay (that is, ¢=0 con-
dition), KaH=1 and KpH=l. Since the stability of sheet pile walls
depends primarily on the passive forces developed below the dredge
line, some form of factor of safety should be applied. This is
conveniently done in the following two ways.

In sand:

1. If the actual KpH value is used to calculate the depth of
penetration of a sheet pile into a sand layer, the calcu-
lated depth (or theoretical depth) D should be increased

by about 20-30% in the actual construction work, or

D (1.2 to 1.3)D (2.5)

actual theoretical

2. In lieu of Step 1, a factor of safety may initially be as-

signed to KpH’ or

Kop = KoulFy (2.6)

n

where Py factor of safety
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The term X in all derivations for the
pH pF

depth of penetration. The depth of penetration, D, de-

should replace X

rived this way is the actual depth of penetration
(Dactual)'

In elay:

1. Far a sheet pile penetrating a clay layer below the dredge
line, if the actual value of the undrained shear strength
of clay (cu) is used, then the calculated (theoretical) D
value should be increased by about 35-50%. So

D = (1.35 to 1.5)D

actual (2.7)

theoretical

2. In lieu of Step 1, a factor of safety may be assigned to

] or

u’
eur = °u/Fs (2.8)

This value of e must replace the e, terms used in the

uF
depth of penetration derivation. The magnitude of D
calculated in this manner is the actual depth of penetra-

tion.

Although idealized assumptions are made to estimate the dis-
tribution of lateral earth pressure on sheet pile walls, the actual
pressure distribution is highly complicated. An example of this
can be given by the following, which is referred to as the heredity
effect (Tsinker, 1983; Budin and Demina, 1979). Figure 2.10a shows
a flexible sheet pile wall. The active earth pressure distribution
behind the wall is hydrostatic. Now, if a surcharge (which is a
strip load) is placed on the top of the backfill (Fig. 2.10b), it
will contribute an additional pressure Ap which will be a function
of depth z. At this time, total pressure at any depth is pa+Ap.
Due to the additional pressure, the top of the wall would deflect
through a distance §. If the surcharge is now removed (Fig. 2.10c)
the magnitudes of Ap and 6 do not actually become zero. instead
they will be respectively equal to Ap' and §'. The magnitude of &'
may be in the range of about 0.868. Also, if M(z) is the bending
moment on the sheet pile created by Ap, the residual bending moment
due to Ap' will be M'(2). The factor H=M'(z)/M(z) will depend on
the relative density of the granular material. Approximate values
of H are as follows:
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Strip

""I 5 I‘_ load q(z)

Figure 2,10, Heredity effect.

Relative density D, (%) H
<50% £0.7
50-75% =0.8
>50% =0.,85

Also, if a surcharge is again placed on the backfill, the pressure
due to the surcharge will not increase until ¢(x) exceeds a value

of q'(x), which is the surcharge corresponding to the residual
pressure Ap'.

For reasons such as those stated above, proper judgment needs
to be used in the final design of each structure.

2.6 CANTILEVER SHEET PILE WALL PENETRATING INTO SAND

Cantilever sheet pile walls are usually constructed when the
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wall height is about 20 ft (=6 m) or less above the dredge line.

Figure 2.11 shows a cantilever wall with sand as backfill above the

(a) (b)

Figure 2.11. Cantilever sheet pile wall penetrating into
layer: (a) Net pressure distribution diagram; (b) Moment
(Note: dl+d2=d.

dredge line. The sheet pile penetrates to a depth D into
also. The water level is located at a depth dl below the

- Mpax

a sand
diagram.

the sand
top of

the wall. Since the hydrostatic pressures from both sides of the

wall will cancel each other, we will consider only the horizontal

effective pressure distribution on the wall.

Now, referring to Fig. 2.1la, the net lateral pressures at

depths =0, z=d1, and z=d1+d2 are equal to Pg» Py» and p,, respec-

tively, or

Pg = 2Ky
pl = (Q*'Ydl)KaH
py = (gtydy+y'd,))K

where ¢ = surcharge

unit weight of sand

<
1

(2.9)
(2.10)

(2.11)
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y' = effective unit weight of sand

At a depth z>d=dl+d2, the active pressure is acting from right
to left, and the passive pressure is acting from left to right. So

the net pressure

p = [q*ydy+(2-d)y'1K p - [(z-dl—dZ)Y’]KpH
= - - - 4
Py (-d) (K=K )Y (2.12)
The depth D, below the dredge line at which p is equal to zZero can

1
be determined as

p =0 = py- (D) (K=K o)y
or

) P2 (2.13)
= ~ .
1 Y'iKpH KaHi
At a depth z=d+D, the active pressure acts from left to right,
and the passive pressure acts from right to left. So the net pres-

sure

P =Pz = [Yd1+Y’(d2+D)]KpH -(YIDKaH)

© ©

or
py = (Ydy*y'dy) Koy + YD (Kpy-Kay)
= Py Dy (KoK yp) (2.14)
where Py = (Yd1+Y'd2)KpH +y’Dl(KpH-KaH) (2.15)

The net pressure distribution diagram is shown in Fig. 2.lla as
ACDEFGH., For equilibrium

I Horizontal forces per unit length of the sheet pile, FH=0

I Moment of forces per unit length of sheet pile about
point 0O, Mo=0

L Fy = P{-P,+Pg (2.16)
where P, = area of the pressure diagram ACDEF

p, = area of the triangle FOI

P3 = area of the triangular area GIH

Note that I0=p5=(slope of the line EG)(DZ). However, the slope of
line EG [(from Eq. (2.13)] is 1 vertical to Y'(KpH-KaH). So

I0 = pe = vY'(K_;,-K_,,)D (2.17)
5 pH “aH’ "2



So
- 1 1
% FH = Pl -E*pSD2 +—2—(D3) (p3+p5) 2.
or
peD,-2P
R T (2.
P3™P;
Again
1 Da. 1 D3
LMy o= Py(Dy*lq) - (zp5D5) (37) * 7(D3) (p3*pg) () = 0 (2.

Combining Eqs. (2.14), (2.15), (2.17), (2.19), and (2.20),
obtain the following relationship

D+4D3-BD2-CD,-E = 0 (2.
2TAY TR,
here 4 i (2
where =—’—(—-———j' .
Y o %an
8P
1
B=—r(———7 (2.
Y U on%an

!
) 6P, 1214y (KpH—KaH) * Pyl

¢ ra2 - 2
TR
L. Ti(6tpyiry) "
= TR T :
ST

Since the values of 4, B, ¢, and F can be calculated, Eq.

(2.
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18)

19)

20)

we

21)

22)

23)

24)

25)

(2.21) can be solved by trial and error to determine D,. Once D,

is known, the magnitude of pg can be calculated by using Eq. (2

L17).

With known values of Ps and Dy, the magnitude of Dy can be obtained

from Eqs. (2.14) and (2.19). Hence, the pressure distribution dia-

gram can be plotted with proper magnitudes. The depth of penetra-

tion of the sheet pile is given as

D = Dl+D2

The maximum moment in the sheet pile will occur at a point
where the shear force is equal to zero. For this case, it will
at some level between F and G as shown in Fig. 2.1la. For zero

shear force at a distance z' below the level of F
- l ' 2V - =
Pl 2(3 Yla'y (KPH KaH)] 0

or

be
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27,
2! = (2.26)
YT K pyKan)

The maximum moment (Fig. 2.11b) can then be calculated as

13,51 -
21y T (K=K ay)

M = Pl(Zl+z’)-

ax (z.27)

The unit of Mmax is ft-1b/ft of the wall. The sheet pile can be

chosen by knowing the section modulus as

M
max

%211

s = (2.28)

where S = required section modulus per unit length of the wall

Blum (1951, 1955) has suggested a simplified method for ob-
taining the depth of penetration D. This can be explained by re-
ferring to Fig. 2.12, in which the point 0' corresponds to point 0’

Figure 2.12. Cantilever sheet pile wall--Blum's method.

in Fig. 2.11. According to this method, the pressure distribution
diagram will be as shown in Fig. 2.12. Note that a reactive force
P' is placed at 0'., Also
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pe = ¥ (Kpy=Kay)Py (2.29)

Now, taking the moment at 0O

1 D,
LMy = P1(21+D4) - 5(pgl (Dy) (z)

|
o

]

1 3
Py(24+0y) -5y ) (K=K )Py =

or

s [ 6P1 ] [ 6Pll1 ]
DI - D, - =0 (2.30)
4 y'(po-KaH) 4 Y'(KPH—KaH)

Once D, is determined, the actual depth of penetration can be given
as

D = 1.2(D +D,) (2.31)

The location and the magnitude of the maximum moment can be given
by Eqs. (2.26) and (2.27).

Some special cases for cantilever sheet pile walls are shown
in Figs. 2.13 and 2.14. Figure 2.13 shows a free cantilever sheet
piling penetrating into a sand layer. The sheet piling is sub-
jected to a load of V per unit length of the pile at right angles
to the cross section shown. So the unit of V is 1lb/ft or kN/m and
so forth. The net pressure distribution diagram (4BO'C0) can be
drawn in a similar manner as described earlier in relation to Fig.
2.11. For this condition, the following equation needs to be solve
solved to obtain the necessary depth of penetration D.

8V 12vd 2V 2
D4 - D2 - D - = 0 2.32
[Y(KpH_KaH)} [Y(KpH‘KaH)] [YcKpH_KaHj] (2.32)

where y = unit weight of soil below the ground surface

Once the magnitude of D is determined, the distance Dy can be cal-
culated as

Y(KPH-KaH)DZ—ZV

D =
3 ZD(KpH-KaH)Y

(2.33)

The location z' and magnitude of the maximum moment can be obtained
as follows:

For zero shear force:

12
Yz'? (K H—KaH)

5 (2.34)

V= () ) va (Rpy-Kp)) =
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(a)

c

p7=YD(‘KpI-I_KaH)_’|

(b)

Figure 2.13. Free cantilever sheet piling penetrating into a sand
layer.

Hence
va ' (Koy-Kay)
M__ (per unit length of wall) = H(d+s') - ——E2 800 (2 35)

max 6

Blum's simplified method can alsc be used in this case to determine
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Figure 2.14, Cantilever sheet pile wall with the absence of water
table and surcharge.

the depth of penetration. To do this, we introduce a reactive
force P' at 0' as shown in Fig. 2.13b. Now, summing the moments
about 0

.
- 1 Y4
My, = V(Dy+d) -504[(yD4)(KpH—KaH)]3— =0 (2.36)
23

DaV*aV = Y (K =K p)g— = 0

or
6V 6dv
p3 - ]D - =0 (2.37)
4 [Y(KpH-KaH) 4 Y(KpH"KaH)

The magnitude of D, can be calculated from Eq. (2.37), and the re-
quired depth of penetration can now be given as

p = 1.2D, (2.38)

The location and the magnitude of the maximum moment can be calcu-
lated by using Eqs. (2.34) and (2.35).

Figure 2.14 shows a cantilever sheet pile wall with no water
table and surcharge. The net pressure diagram (4AEFGO'HO) can be
constructed in similar manner as that shown in Fig. 2.11. Note
that
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Py = YK,y (2.39)
0. = P2 (2.40)
1 Y(KpH_KaHj

The slope of the line EG is 1 vertical to Y(KpH-KaH) horizontal.
Also

pg = YdeH +YDKPH-YDKaH = YKPH(d+D)— YDK (2.41)
The equations for obtaining D and Dy are as follows (Jumikis, 1971)

2 3
- +[d(K H-SKaH)]D3 [KaHd (7KPH-3KaH)]D2 [SKaHd (KpH-KaH)]D
- - - - z 7
KpH Kan (KpH KaH)2 (KpH KaH)

K X

dk
—TH[TT= 0 (2.42)
pH “aH

and

2 2
I KpHD -KaH(d+D)

37 K g Kyyy) (472D)

(2.43)

The location z' and the magnitude of the maximum moment Mmax can be

determined as follows:

For zero shear force:
l t2 - =
Py-3Y2 (KPH KaH) 0 (2.44)
where P, = area of the pressure diagram AEFB
_ 1 1 _1
= 3P4 * 3PPy = gp;(diDy)
So

7Pp (d*Dq) = 5y " (K y-Kay)

pz(d+Dl)
2! = = — (2.45)
v pH™ aHj

The maximum moment at a point z’ below point F can be given as

or

= 1 3
Moax = Pl(Z1+z’) -zva' (KPH—KaH) (2.46)

Masih (1984) has provided a graphical procedure for determination
of the depth of penetration of sheet piles for linear and nonlinear
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variation of lateral earth pressure.

Example 2.1. Refer to the cantilever sheet pile wall shown in Fig.
2.11. Given =600 1b/ft?, y=110 1b/ft3, y'=60 1b/£ft3, ¢=35°, d=15
ft, d1= 5 ft, and d2=10 ft. Determine the required depth of pene-
tration D, and also the maximum moment developed in the sheet pile

wall. Use §=0° and a factor of safety of 2 for passive pressure.

Solution
Determination of depth of penetration, D: TFor &=0

K,y = tan?(45-9/2) = tan?(45-35/2) = 0.271
KpH = tan?(45+¢/2) = tan?(45+17.5) = 3.69
KpF = KpH/FS = 3.69/2 = 1.845

Py = gy = (600)(0.271) = 162.6 1b/ft2

pp = (g+¥dj)K,y = [600+(5)(110)1(0.271) = (1150)(0.271)

311.7 1b/ft?

P, (q+Yd1+Y'd2)KaH = [600+(5)(110)+(10)(60)1(0.271)

(1750)(0.271) = 474.3 1b/ft?
From Eq. (2.13)

) 474.3
D, = = : = 5,02 ft
1 y'(pr-KaH) (60)(1.845-0.271)

Figure 2,15 shows the plot of the net pressure diagram from the
levels of 4 to F as shown in Fig. 2.11. So

Py = I Areas of pressure diagram = (162,5)(15)+ (%)(5)(311.7-

162.6) + (10)(322.7-162.6) + (%)(10)(474.3-311.7)
+(%)(5.02)(474.3)

2,439 + 372,75+ 1,491 + 813+ 1,190.5 = 6,306.25 1b/ft

(2,439)(5.02+7.5) + (372.75)(15.02+1.67)
+(1,491)(5.02+5) + (813)(5.02+3.33)

_ B M +{1,190.5) (5.02/3) )
! 1 6,3006.25 2.39 ft

Now, referring to Eqs. (2.21), (2.22), (2.23), (2.24), and (2.25)
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Pressure (1b/ft2)

'Y
»

15

20.02
v
z (ft)
Figure 2.15,
Py
A =—-,T—ﬁ—..
Y KpF"KaH

Py = (ydy*y'dy)Kop * 'y (K p-Kay)

[(110)(5)+ (60)(10)}(1.845)+ (60)(5.02)(1.845-0.271)

i

2,121,75+ 474,1 = 2,595.85 1b/ft2

2,595.85

4 = woy i sas-o 2Ty C 27449

8p

B = i = o (8(6,306.25) 5y
T { pF aHj ' ‘
!
.- 6P 122,y (KpF-KaH) *Py
L
Y 2(KpF'KaH)2
(6)(6,306.25) [(2)(9.59)(60)(1.845-0,271)+ 2,595.85]
(60)2(1.845-0.271)7
= 18,696.9
. P (61,p, +4P))

Y Tz (KpF_KaH) 2
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(6,306.25) [(6)(9.59)(2,595.85) + (4)(6,306.25)1
(60)2(1.845-0.271)2

123,445, 4
So

DY + 27.49D3 - 534.2D3 - 18,696.90, - 123,445.4 = 0

yA 2

By trial and error, D2=27 ft. So, the total actual depth of pene-

tration

D =D +D2 = 5.02+27 = 32 ft

1

Determination of maximum moment, LI From Eq. (2.26)

2P
2! \/"’T"—TK L - fﬁ%ﬁz e Eod = 11.56 £t
Y Y pF *aH : :

So, from Eq. (2.27)

M
max

(6,306.25) (9.59+11.56) -

(11.56)3(60) (1.845-0.271)
6

109,062 ft-1b = 109 ft-kip

Example 2.2. Refer to Fig. 2.13b, which shows a free cantilever
sheet piling penetrating into a sand layer. Given ¥=2000 1b/ft, ¢=
36°, y=115 1b/ft3, and d4=10 ft. Using Blum's method, determine the
required depth of penetration D. Use 6=¢/2 for active pressure co-
efficient and §=0° for passive pressure coefficient. Increase the
depth of penetration by 25% to obtain the actual depth of penetra-

tion.

Solution
From Eq. (1.34)

K = X 1
a cosd ! 1 7

(m) + \/tan ¢+tandtand
KaH = Kacosd

For this problem, ¢=35° and 8=¢/2=17.5°. So KaH=0.235.

For passive pressure, with §=0°

KpH = tan2(45+¢/2) = tan?(45+17.5) = 3.69

From Eq. (2.37)

D3 - [ 6V ] _ 6dv
4 Y(KPH—KaH) 4 Y(KpH-KaH)
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Substitution of proper values gives

5 6)(2,000). 6) (10)(2,000) _ _
D4"[I‘1‘r§)‘)(z—rolmf.o-. ]04' 3320, 0

or
3 =
D4—30.2D4-302 0
So
D, = 8.2 ft
Hence, Dineoretical > 1.2D4 = (1.2)(8.2) = 9.84 ft, The actual

depth of penetration is

D = (1.25) (D

actual (1.25)(9.84) = 12.3 ft

theoretical) =

2.7  CANTILEVER SHEET PILE WALL PENETRATING INTO CLAY LAYER

Figure 2.16 shows a cantilever sheet pile wall with a granular
backfill above the dredge line where the sheet pile penetrates a

Figure 2.16. Cantilever sheet pile wall penetrating into clay
layer.

saturated clay layer. The saturated unit weight of the clay layer
is Ysat(c)’ and the undrained shear strength is equal to e, For
the loading condition shown, the net pressures on the sheet pile
are as follows.
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At z = 0, p =pg = 0
At z = dl, p=py = YdlKaH
At z = dZ’ p=py; = (Ydl"'Y'dz)KaH

where Koy = horizontal active earth pressure coefficient

= Kac056

At depth z>d (=d1+d2), the horizontal active earth pressure
from right to left is Py» and the horizontal passive earth pressure
from left to right is Pp So

p = p,-P,

© & ©
= {[Ysat(c)(z-d)] +Zcu} -{Ilq' +Ysat(c)(z—d)]- ZGu (2.47)
where g’ = Yd1+y'd2 (2.48)

Also note that, for the undrained condition in clay (that is, ¢=0),
Ka=KaH=o' So
= ~g! =
4 de - q Pg (2.49)

At z=d+D, the passive earth pressure will be from right to
left, and the active earth pressure will be from left to right. So

p = pp"pa = {[q""ysat(c)m+ Zcu}_ [Ysat(c)D—zcu]
®© @
= bde +q’ (2.50)

The net pressure distribution diagram is ABCDEFO'GO as shown in
Fig. 2.16. Now, let P, be the force above the dredge line.

1 1
Py = 5(pydy) *pydy +7(py-pyld,

The line of action of the resultant force P4 is located at a dis-
tance ZZ above the dredge line. For equilibrium

Y Horizontal forces = 0
or

Py + (Area of FGH) - (Area of DEHO) = 0

© © €
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Py +3l(4e-q") * (4e,+q") 1D - (4e ~q")D = 0

'p =
Py +4cuD5- 4cuD +q'D 0

Hence
(4c. -q')D -P
Ds = _2_4_0______4 (2.51)
u
Also

L Moment about 0 = 0

So
[P4(D+ZZ)] —[(4cuDS)(D5/3)] —[(4cu-q’)D](D/2) =0

P,(P,+1l2¢ 1.,)
2 4 4 u’2 -
D (4Cu—q') -ZDP4--—q—’T"—2_G—_— 0 (2.52)

u

The depth of penetration can be calculated by solving Eq.
(2.52), after which the magnitude of Dy can be calculated using Eq.
(2.51). Once the magnitudes of D and D5 are known, the pressure
diagram can be plotted.

The maximum moment on the sheet pile will occur at a depth z'
below the dredge line as shown in Fig. 2.16. For the maximum mo-
ment, the shear force will be zero. So

Pp-pga' =0
© ©

or
z! = P4/p6 = P4/(4au—q') (2.53)
Hence, the maximum moment

Muax = Pally*a’) -(4cu-q')(z'2/2) (2.54)

It needs to be pointed out that if the magnitude of ¢' is
larger than 4cu, 4cu-q’=p6 will be negative. In that case, the
sheet pile structure will not be stable.

Figure 2.17 shows a free cantilever sheet piling penetrating
into a layer. This is a special case of the problem shown in Fig.
2.16. The sheet piling is subjected to a load of V per unit length
at right angles to the cross section shown. In this case, the lat-
eral pressure distribution diagram below the dredge line can be

given by BCDO'E0. For equilibrium of the sheet pile structure
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0 4cu

Figure 2.17. Free cantilever sheet piling penetrating into a clay
layer.
I Horizontal forces = 0 (2.55)

and

I Moment of all forces about 0 = 0 (2.56)

From Eq. (2.55)

1 =
(Z) - 4éUD + —2-(80u)D5 = 0
(Area of (Area of
pressure pressure
diagram diagram
BCFO) DO 'EOF)
or
4cuD—V
DS = —4—cu~— (2.57)

Again, from Eq. (2.56)
v(D+d) - (4cuD)(D/2)+ (4cuD5)(D5/3) =0 (2.58)

Combining Eqs. (2.57) and (2.58)

V(V+12@ud)

4p%e - 2VD - et = 0 (2.59)
u C'u

The preceding equation can be solved to obtain the required depth of
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penetration D. The maximum moment on the sheet pile will occur at
a depth z' below the dredge line, or

g! = V/4cu (2.60)
Hence

Moo = V(d+z') —4cu(z’2/2) = Vd +Vz' - Zcuz’2 (2.61)

Example 2.3. Refer to the sheet pile wall shown in Fig. 2.16.
Given d1=1.5 m, d2=3 m, ¢=30°, 8=0°, For sand, y=15.5 kN/m?3, Ygat™
18.5 kN/m3, e =45 kN/m2. Use F_=1.5 for the undrained shear
strength of clay. Determine the required depth of penetration for
the sheet pile.

Solution
For ¢=30°, §=0.

K_=K

=1
a “aH 3

Py = YdiKay = (15.5)(1.5)(3) = 7.75 kN/m?

Py = (ydy*+y'dy)K = [(15.5)(1.5) + (18.5-9.81)3] ()
= (23.25+26.07) (%) = 16.44 kN/m?
! 1

Py = 7(pyd)) +pydy +5(py-pyld,

= 5(7.75)(1.5) + (7.75)(3) + 3(16.44-7.75)(3)

5.81 + 23.25 + 13,04 = 42.1 kN/m
Taking the moment about D (Fig. 2.16)

;- £5.81)(3+1:5/3) + (23.5)(3/2) + (13.04)(3/3)
LY

2

. 20.34 + 34,88 + 13,04

7T = 1.62m

In order to use Eq. (2.52), we need ¢' [Eq. (2.48)]. So
q' = Ydl+y'd2 = (15.5)(1.5) +(18.5-9.81)(3)

23.25 + 26.07 = 49.32 kN/m2
Now, from Eq. (2.52)

P4(P4+120

4 q'+Zle

uF

D2(4ch-q') -2pP



So

or

From

2.8
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- - - 2
= cu/FS 4.5/1.5 30 kN/m

®uF

p2[(4) (30)-49.32] - (2) (p) (42:1) - LD L0 GOy (1. 02))

=0

70.68D2 - 84.2D - 240.81 = 0

the above equation, the actual depth of penetration D=2.6 m

ANCHORED SHEET PILE WALL PENETRATING INTO SAND--FREE EARTH
SUPPORT METHOD

Figure 2.18 shows a sheet pile wall with a sand backfill pene-

trating into a sand layer. The anchor tie rod is located at a

depth di from the ground surface on the land side. Let q be the

Surcharge=q

max™®

(b)

Figure 2.18. Anchored sheet pile wall penetrating into sand--free
earth support method: (a) Pressure distribution diagram; (b) Mo-
ment diagram. (Note: d=dl+d2; dl=di+d{.)
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surcharge per unit area. The net pressure distribution diagram be-
tween the levels of 4 and F along the sheet pile wall will be the
same as shown in Fig. 2.1la (cantilever sheet pile wall). It was
also noted in Section 2.7 (with reference to Fig. 2.1la) that the

. . , _
slope of the line EF is equal to vy (KPH KaH) and

- P2

D) = orepT (2.13)
R CSHeR R

Now, let the anchor force per unit length of the sheet pile
wall be equal to 7, and the area of the pressure diagram ACDEF be
Pl.
a distance Zl from point F. The pressure at the bottom of the

Let the line of action of the resultant force P1 be located at

sheet pile will be
pg = y’(KpH-KaH)D6 (2.62)
For equilibrium

I Horizontal forces = 0

and
I Moment of forces about the anchor level (that is, 0") = 0
So
l _ -
Py - T - dpgDg = 0 (2.63)
and
' 1 2 _ 2 =
Pl(d+Dl—Zl—dl) —(2p8D6)(d+Dl d{ +§D6) 0 (2.64)

Note that d=dl+d2, and d1=di+df. Now, from Eq. (2.63)
_ 1
T = Py~ 5PgD¢ (2.65)
and, from Eq. (2.64)

3(dli+d,+D 3P, (dl+d,+D, -1
Dg+[ 1*9; 1)]02 1(d*dy*0y-1,)

- y =0 (2.66)
2 6 Y (KpH-KaH)

Equations (2.65) and (2.66) can be used to determine De and T.
Hence, the depth of penetration of the sheet pile 1is equal to

D = D,+D

1" (2.67)

As mentioned in Section 2.5, in order to determine the design
depth of penetration, the theoretical depth of penetration can be

tentatively increased by about 30%, or
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Pyesign = 1+3(P1*0g) (2.68)

An alternative to the above procedure is to use a factor of
safety (FS) over KpH’ or
KpF - KpH/Fs
This value of X g may be used in place of KpH to determine the mag-
nitude of the design value of the depth of penetration D.

The maximum moment of the sheet pile will be located between
the levels of D and EF as shown in Fig. 2.18a (that is, d1<z<d).
For the maximum moment, the shear force on the sheet pile should be

equal to zero, or referring to Fig. 2.19
1 1 .
po(d1+2') 'T+E‘d1(pl'p0)+ (Pl—PO)Z'"“-gY'Z'ZKaH =0 (2.69)

Once the magnitude of z' is calculated from Eq. (2.69), the maximum

moment (M ) on the sheet pile can be easily obtained.

max

Pressure
4’
1
i T
¥ 4
a3
K 3
i
! )
1 1 '
b
t 3
1 : z!
| '
[ ]
ooy
1 '
A N

— 2~ —

(qo+Ydl+Y’d’)KaH

Figure 2.19. Determination of maximum moment.

2.9 LATERAL EARTH PRESSURE DUE TO STRIP LOAD NEAR A WALL

Strip loads of limited width are sometimes encountered near a
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wall on the land side, as shown in Fig. 2.20. The load per unit
area in the strip is g. Steenfelt and Hansen (1984) have used

k———-xl-———p q/unit area

P T

— o

o Y Hpn ke K\;i

(dyv+d,y"+DY")K 4

Figure 2.20. Lateral earth pressure due to strip load near the
wall. (Note: vy=unit weight of soil above the water level and y'=
effective. unit weight of soil below the water level.)

Brinch Hansen's theory (1953) to evaluate the additional active
lateral force to which a sheet pile wall will be subjected due to
the strip load surcharge. For details of this theory, the readers
are referred to the original paper. However, a simplified theory
for approximate lateral earth pressure distribution can be used by
assuming the wall to be rigid. According to the theory of elasti-

city
Ap = E%E(B-sinBCOSZa) (2.70)

where Ap = lateral pressure due to the strip load surcharge only at
a depth z measured from the ground surface

The definitions of o and B are shown in Fig. 2.20.

For soils, however, the right side of Eq. (2.70) is doubled

due to the yielding of the continuum, or
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tp = 45(8-sinpcos2a) (2.71)

Jarquio (1981) has integrated the above equation. So, the increase

of lateral force due to the surcharge can be given as

D+d
AP = (bp)da = q/90[(D+d) (8,-6)] (2.72)
0
where 6, = tan'l[Xl/(d+D)] (2.73)
8, = tan'l[Xz/(d+D)] (2.74)

In Eq. (2.72), 8 and 62 are in degrees. The location of the re-
sultant force AP can be given as

(d+D)2(ez-el) + (R-Q) - 57.30(X,-X,) (d+D)

7z = TRy (0,-07) (2.75)

where R (X2)2(90—82) (2.76)

O
]

(x,)2(90-8,) (2.77)

2 .10 ROWE’S MOMENT REDUCTION METHOD

Observations have shown that, due to the flexibility of the
sheet piles, the actual maximum moment on the sheet pile walls is
somewhat less than that calculated theoretically by the free earth
support method of design. Hence, for the determination of the
actual design moment, Moax should be reduced somewhat. Based on
several experimental results, Rowe (1951, 1957),has proposed a
semi-empirical procedure for moment reduction which is referred to

as Rowe's moment reduction procedure. According to this procedure

(d*Dyg . cion) ™
Flexibility number = p = ————é%%iSE—— (2.78)

where d and D are in ft

design
E = modulus of elasticity of sheet piles (1b/in?)
I = moment of inertia of sheet pile wall (in“/ft of wall)

Figure 2.21 shows a plot of (Mdesign/Mmax) vs. log,,p for
design=(allowab1e
flexural stress) (section modulus)=oalls. So, any sheet pile sec-

loose sand dense sand and gravel. Note that ¥

tion having a section modulus of S per unit length for which the

plot of 5/ (¥ /call) vs. log,,p falls above the designated curve

max
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1.0
0.8
\\\\\ Loose
\{ij’— sand
% 0.6 AN
=]
=
~
& Dense sand
B and gravel \\‘\\\\‘
S 0.4 & T~
3 ——
=
0.2
0
-4.0 -3.5 -3.0 -2.5 -2.0
log o

Figure 2.21. Plot of ¥ /M against log p (after Rowe, 1952).

design’ “max

in Fig. 2.21 will be a safe section for use. In his original work,

Rowe suggested that D be calculated by using wall friction

design
angle §=0 and F.=1.5 for the horizontal passive earth pressure co-

efficient (KpF).

Exampie 2.4. Refer to Fig. 2.18. Given q=0, y=115 1b/ft3, y'=60
1b/£t3, ¢=30°, d,=10 ft, d,=20 ft, di=5 ft, df=5 ft, 6=0, and FS=
1.5 for passive pressure coefficient calculation. Determine:

a. the design depth of penetration

b. the section modulus of the sheet pile section by using

Rowe's moment reduction method
Solution

Part a. Determination of design depth of penetration.

1
3

K tan? (45-¢/2) =

aH

X

_ H _ tan?(45+¢/2) _
Kpp‘%P—“—T.—s—l-z

)
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Referring to Fig. 2.18

p0=0

- - 1 _ 2
py = YdKgy = (115)(10)5 = 383.3 1b/ft

P, (ydl+Y'd2)KaH = [(115)(10)+(60)(20)]% = 783.3 1b/ft?

. ) 783.3 - 7.82 ft

’1 NTE 5 Eapp) = T60)(2-0.33)

Now, referring to Fig. 2.22

Pressure
>

_T' <
10 ft \:;; > 7
‘—pl D
p,=383.3 1b/ft?
() : p2=783.3 1b/ft2
| D,=7.82 ft
20 ft )

P
] T 1
R RS

=

e

F

Figure 2.22.

s
¥

= (10)(383.3) + (383.3)(20) + +(783.3-383.3) (20)

+ %(7.82)(783.3)

1,916.5 + 7,666 + 4,000 + 3062.7 = 16,645.2 1b/ft
Taking the moment of the pressure diagram about F

(1,916.5) (27.82+3.33) + (7,666) (17.82) + (4,000) (7.82+6.67)
+ (3,062.7)(2/3)(7.82)

1 16,645.2

16.23 ft

L}

Referring to Eq. (2.66)
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"
L [3Wdyra,0))] 3P (df+d,+Dy-1y)
bg * 7 b - =t
R Nt

3(d+d,+D
1 2 = 49.23

1 _ (3)(5+20+7.82)
2

3P1(d£+dZ+Dl-Zl
!
Y (KpF-KaH)

) (3)(16,645.2) (5420+7.82-16.23)
60 (1.67)

So

D§ +49.23D2 - 8,267.8 = 0

By trial and error, De = 12 ft

Hence

Ddesign = D1+D6 = 7.82+12 = 19.82 ft = 20 ft
Part b. Determination of location of zero shear force.
From Eq. (2.65)

T = Py gpgDe = Py - 5(06) L(06) (v') (K p-Kyp))

= 16,645.2 - =(12) [(12) (60) (1.67)] =

> 9431 1b/ft

For zero shear force, referring to Fig. 2.23

10 ft

— 7=9431 1b/ft

5 ft

L )

4— p =383.8
1b/ft?

-
™ \L_(éoz’)KaH=(6Oz')%

Figure 2.23.

= 8,267.8
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£(10)(383.3) - 9,431 + (383.3)5"+ [(60) (")315(2") = 0

or
1,916.5~ 9,431 +383.3z" + 102’2 = 0
22 +383.32" - 751.45 = 0
z' = 14,3 ft
So
M= (1,916.5) (14.3+3.33) - (9,431) (5+14.3) + (383'31(14'332
3
. 30)(8.3)
- 33,787.9 - 182,018 + 39,190.5 +9,747.4 = -99,291.2 ft-1b
So
M= (99,202.2x12) in-1b/ft of wall

Now, the following table can be prepared to choose the sheet pile

section.
e
Sectiona Ib pc lOgQ Sd ITW_S%—T
max’ “all
(in%/ft) (ind3/ft)
PZ-38 280.8 0.000742 -3.13 46.8 1.18
PMA-22 13.7 0.0152 -1.82 5.4 0.1306
PZ-27 184.2 0.00113 -2.947 30.2 0.76
%From Table 2.1
bFrom Table 2.1
200" .
°Bq. (2.78); o = (30+29) - 2.2083
(30x10% 1b/in2) (I in%/ft)
1~
E
dFrom Table 2.1
e S _ S S
39.72

Ulax/%a11)  (99,292.2) (12)/(30,000 1b/in2)

The result for the sections PMA-22 and PZ-27 are plotted in Fig.
2.24, It can be seen that PZ-27 falls above the Rowe's moment re-
duction curve for loose sand. So this is a safe section. However,

PMA-22 is an unsafe section.
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\o pz-27

max
(=4
(o)}

=
~ Loose
& sand
o
n \\\\‘
ég 0.4 —__
0.2
{
PMA-22
0
-3.5 -3.0 -2.5 -2.0 -1.5
logyige
Figure 2.24,.

2 .11 ANCHORED SHEET PILE WALL WITH SLOPING DREDGE LINE

In construction under certain circumstances, the dredge line
in front of an anchored bulkhead is sloping (Fig. 2.25). Theoreti-

R A N R PP

v

Granular
soil

Granular Sloping

soil dredge
line

Figure 2.25. Anchored sheet pile wall with sloping dredge line.
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cal and experimental results presently available in literature for
anchored sheet pile wall design are for the condition where the
dredge line is horizontal. Schroeder and Roumillac (1983) have
conducted several small-scale laboratory model tests in granular
gotl to develop a design procedure for an anchored sheet pile wall
via the free earth support method. Based on this study, it appears
that reasonable results may be obtained by using the standard pro-
cedure described in Section 2.8 and by using the proper KpH values

as given by Caquot and Kerisel (1948). These values are:

Soil friction angle ¢ § a' K

pH
(deg) (deg)

30 ¢/2 0 4.68
30 26/3 0 5.22
30 /2 10 3.17
30 26/3 10 3.54
30 /2 20 1.73
30 2¢/3 20 1.93
35 6/2 0 6.55
35 2¢/3 0 7.56
35 ¢/2 10 4.18
35 26/3 10 4.82
35 /2 20 2.44
35 26/3 20 2.82

Schroeder and Roumillac (1983) have suggested that, for the
design of the anchored sheet pile wall by the free earth support

method, a factor of safety of 2 may be used over the X values to

pH
obtain the actual depth of penetration D. They have also proposed
a plot of M/Mmax

This is shown in Fig. 2.26 along with the similar plots given by

against loglop for the moment reduction process.

Rowe (1952) for the case of a horizontal dredge line (loose sand).

2.12 COMPUTATIONAL PRESSURE DIAGRAM METHOD

In order to simplify the calculation procedures by the free
earth support method, Nataraj and Hoadley (1985) have proposed a
procedure which they call the computational pressure diagram method
(CPD). This procedure was developed based upon the experimental
observations of Tschebotarioff (1949), Rowe (1952), Packshaw and
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Figure 2.26. Plot of Mdesign/Mmax against loglop for moment reduc-

tion with sloping dredge line.

Lake (1952), and Packshaw (1954). According to the CPD method, the
net pressure diagrams above and below the dredge line (as shown in
Fig. 2.18) are replaced by rectangular pressure diagrams. This is
demonstrated in Fig. 2.27, in which Wy is the width of the active

S Yy _y

Sand

Figure 2.27. Computational pressure diagram method for design of
anchored sheet pile wall--free earth support method.
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pressure diagram above the dredge line and ¥_ is the width of the

net passive pressure diagram below the dredge line. The relation-

ships for Wy and Wp can be given as

Wy = CKyvd

a
and
Wp = RCKaHYd
where KaH = active pressure coefficient

Yy = unit weight of soil
C, R = coefficients

The recommended values of ¢ are as follows:

c
Type of soil With surcharge Without surcharge
Loose sand 1.00-1.25 0.8 -0.85
Medium sand 1.00-1.20 0.7 -0.75
Dense sand 0.75-0.85 0.55-0.65

(2.79)

(2.80)

In a similar manner, the recommended values of R are as follows:

Type of soil R4
Loose sand 0.3 -0.5
Medium sand 0.55-0.65
Dense sand 0.60-0.75
!
a. KE . d(d—Zdl)
R = 5= = przasp-2al)
a 1

Once the magnitudes of W, and W_ are determined, the required

depth of penetration D can be determined from the equation
D2+ 2pd(1-B') - (d?2/R)(1-28"') =0
where B’ = di/d

(2.81)

where di = depth of the anchor rodmeasured from the ground surface

The anchor force per unit length of the wall can then be de-

termined as
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T = W,(d-RD) (2.82)

Based upon this type of design, the maximum design moment in the
sheet pile is given by the expression

max

2d!
M= 0,50 d> Pl.-§232 -(~Ei)(1- %Qﬂ (2.83)

It may be noted that, for calculation of Wy and W_, a single
value of y and a single value of KaH have been used in Eqs. (2.79)
and (2.80). However, if there is a variation of the effective unit
weight with depth, a weighted average value of y should be used.

In a similar manner, if there is a variation of the soil friction

angle ¢ and thus X a weighted average value of K, should be

aH’ H

used,
When compared with the conventional free earth support method
(CFES) of design, the ¢PD method of design yields the following:
1. The magnitude of D as obtained by the CPD method is about
1.25-1.5 times the depth of penetration obtained by the
CFES method assuming FS=1 for passive earth pressure (that
is, KpH=KpF)' This is consistent with the often-used
pH=KpF and determining D by the CFES
method, and then increasing it arbitrarily by about 20-40%.

method of using X

2, The maximum moment obtained by using Eq. (2.83) is about
0.6-0.75 Miax obtained by using the method outlined in

Section 2.8. However, the magnitude of ¥ obtained by

using Eq. (2.83) is practically the same Eiid for design
via Rowe's moment reduction method (Section 2.10).

3. The magnitude of T obtained by using Eq. (2.82) is about
1.2-1.6 times the value of T obtained by using Eq. (2.65),
which is consistent with the design values suggested by
Casagrande (1973), Terzaghi (1954), and Tschebotarioff

(1952).

Example 2.5. Refer to Fig. 2.18. Given ¢=0, d1=3 m, d2=5 m, di=
1.5 m, d4=1.5 m, y=16.5 kN/m3, Ysat(sand)=18'5 kN/m3, ¢=30°, and
8§=2¢/3. Using the computational pressure diagram method, determine
a. the actual depth of penetration D
b. the maximum design moment Mdesign
c. the design value of the anchor force per unit length of
the wall

Solution
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Part a.
Effective unit weight of sand below the water table

Y' = Yeat(sand) Yy = 18-5-9.81 = 8.69 kN/m3

Weighted average value of the unit weight of soil

_ Y4t 'dy  (16.5)(3)+(8.69) (5) _ 49.5+43.45
Yav a4, 3+5 3

11.62 kN/m3

it

For ¢=30° and 6§=2¢/3, the magnitude of KaH=Kac05(2¢/3). From Table
1.1, k,=0.297. So

- 2 =
Koy = (0.297)cos ($)(30) = 0.279

From Eq. (2.79)

W_ = CK d

a aHYav
For loose sand without surcharge, assume (=0.85. So

Wy = (0.85)(0.279)(11.62)(8) = 22.05 kN/m?

Again, from Eq. (2.80)

Wp = RCKaHYan = RWa

For loose sand, assume R=0.4 So

W (0.4)(22.05) = 8.82 kN/m?

P

Now

B’ = df

/d = 1.5/(3+5) = 0.1875
From Eq. (2.81)

D2 +2pd(1-8') - (d2/R)(1-28') = 0
or
D2 + [(2)(P)(8)(1-0.1875)1- [(8)2/0.4]1[1-(2)(0.1875)] =0

D2 +13p- 100 = 0
D = 5.5m

Check on the assumption of R:

R=YP.= d(d-2dq) - 8[8-(2)(1.5)]
W,  D(Za+D-2d]) ST +5.5-

8) (5
b+5.0-~

i

= (.34
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So, we can assume R=0.35 and recalculate D.
D2 +2pd(1-B") - (d2/R) (1-28') = 0
B'=0.1875; d=8 m; R=0.35. So
D2+ 13D-114.3 = 0
= 6 m

D
Part b. From Eq. (2.83)

2d!
2 _BDy2o 71,4 _RD
Mdesign 0.50,d Pl 7)) -7 (1-3 ﬂ

or

]

(0.5)(22.05)(8)2{[1- (0-32)(6)]2 _[(2)§1.5)]

[1_ (o.ss)gsg]}

705.6(0.544-0.277) = 188.4 kN-m/m

Mdesign

]

Part c. From Eq. (2.82), anchor force

T = W, (d-RD) = 22.05[8-(0.35)(6)] = 130.1 kN/m

2.13 ANCHORED SHEET PILE WALL PENETRATING INTO CLAY--FREE EARTH
SUPPORT METHOD

Figure 2.28 shows an anchored sheet pile wall penetrating into
a clay layer having an undrained shear strength of eLr The back-
fill above the dredge line is sand. The distribution of the hori-
zontal pressure on the sheet pile wall from z=0 to d(=d1+d2) will
be similar to that shown in Fig. 2.16, or

Py = vdiKy
py = (vdy*v'dy)K o

For z=d to d+D, the net passive pressure Pg will from from left to
right. Note that Pg is defined by Eq. (2.49), or

!

Pg = 4cu-q
where g' = Yd1+y'd2
For equilibrium

£ Horizontal forces = 0

or
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Figure 2.28. Free earth support method of design for sheet pile
wall penetrating into clay.

Py-pgh = T (2.84)

where P, = area of the pressure diagram ABCD

T = anchor force per unit length of the wall

Also, for equilibrium

¥ Moment of forces about 0" = 0
So
P4(d—di—l4)— (pﬁD)[d+(D/2)-di] =0
or
pgD? + 2pgD(d-d]) - 2P, (d-d{-1,) = O (2.85)

Equation (2.85) can be solved to determine the required depth
of penetration. If the actual value of ey is used to calculate pg,
then the theoretical depth of penetration should be increased by
40-50% in order to determine the design depth of penetration, or

D = 1.4 to 1.5D

actual (z.86)

theory

As an alternative, initially a factor of safety should be assigned
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over the undrained shear strength of clay, or

Cur ~ cu/Fs
This value of e,p May now be used to obtain Pg: Using this value
of Pg» Eq. (2.86) may now be solved to determine the design depth
of penetration.

The maximum moment of the sheet pile will occur between a=dy
to z=d+D. This can be done by using the same procedure outlined in
Section 2.8.

Rowe's moment reduction method for choosing sheet pile sec-
tions for the case where sheet piles penetrate into a sand layer
has been described in Section 2.10. Rowe (1957) has also provided
some experimental results for moment reduction of pile penetrating
/M agéinst the stabil-

design’ "max
ity number (Sn) for various values of loglop are shown in Fig. 2.29.

into a clay layer. These plots of M

Note that the flexibility number (p) has the same definition as
given by Eq. (2.78). The stability number is defined as

5, = 1.250u/q’ (2.86)

The term n is defined as

n = d (2.87)

a -
+Dde51gn

1
\\\\\ log10p=—3.1 (a)

% 0.8 p=

EE \ \ n=0 8
\C: \ '\)\.
3. ~_ —— | 0.7
= —

0.25 0.50 0.75 1.00 1.25 1.50
Stability number Sn

Figure 2.29. Plot of Md .
esign
loglop (after Rowe, 1957).

/M vs. S_ for various values of
max n
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Figure 2.29. (Continued).
For a sheet pile wall, first the values of Mmax’ Py Sps and n
can be determined. For given values of 8, and n, the values of
Mdesign/Mmax for various values of logp can be obtained from Fig.

2.29 and plotted in a graph. Once this graph is obtained, the mo-
ment reduction procedure will be the same as described in Section
2.10.
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2.14 FIXED EARTH SUPPORT METHOD FOR ANCHORED SHEET PILE WALLS

The differences between design procedures for anchored sheet
pile walls by free and fixed earth support methods have been pre-
sented in Section 2.2 (Figs. 2.5 and 2.6). The details of the
fixed earth support analysis will be discussed in this section.
This type of analysis assumes that the bottom of the sheet pile is
restrained from rotating as shown in Fig. 2.6 (that is, the toe of
the sheet pile wall is fixed). Figure 2,30 shows a sheet pile wall

Surcharge=q

y
3
Sand
Y
¢
d
Sand
-YI
¢
-
D el
! AP Sand
i =) v
X ¢

Figure 2.30. Sheet pile wall design by fixed earth support method.

having a granular soil backfill and penetrating into a granular
soil. The approximate net horizontal earth pressure on the sheet
pile wall is also shown in Fig. 2.30. For simplicity, we can add
the areas GKH and HLM to the lateral pressure distribution diagram
without changing the equilibrium. The area of each of these tri-
angles (that is, GHK and HLM) is equal to AP. The problem can fur-
ther be simplified by assuming that the net pressure distribution
diagram on the sheet pile is as shown in Fig. 2.31. Note that the
net pressure distribution diagram on the left-hand side of the
sheet pile (represented by the triangle FGH in Fig. 2.30) has been
replaced by the triangle FXKH in Fig. 2.31. Similarly, the pressure
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J

Figure 2.31. Simplification of net horizontal pressure distribu-
tion diagram as shown in Fig. 2.30.

distribution diagrams represented by HLM and HIJ an the right-hand
side of the sheet pile as shown in Fig. 2.30 have been replaced by
a single line load Py {per unit length) at H in Fig. 2.30. The
portion HJ of the sheet pile in Fig. 2.31 is assumed to be fixed.
Terzaghi (1943) used a graphical solution to determine the depth D
(Fig. 2.31) which is referred to as the deflection line method.
Once the depth D, is determined, we can approximate that the re-
quired depth of penetration D:l.2D7. However, this method is labo-
rious and is not generally used. Instead, a simplified method
based on the above principle is now used. The development of this
simplified method, called the equivalent beam method, is generally
attributed to Blum (19Y30). The principles of this method will be
discussed below.

The fixed end condition for the sheet piles (Fig. 2.31) des-
cribed above can be compared to a loaded cantilever beam RTSU as
shown in Fig. 2.32. Note that the support at T for the beam is
equivalent to the anchor load reaction on the sheet pile (Fig.
2.31). It can be seen that the point S of the beam RSTU is the in-
flection point of the elastic line of the beam. If the beam is cut
at § and a free support (reaction P_) 1is provided at that point,
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Moment diagram

Figure 2.32. Equivalent cantilever beam concept.

the bending moment diagram for portion STU of the beam will remain
unchanged. This beam S7U will be equivalent for section STU of
the beam RSTU.

The application of the above reasoning can now be applied to
the sheet pile section shown in Fig. 2.33. Figure 2.3%a shows the
same sheet pile as shown in Fig. 2.31. Note that the net lateral
pressure (net of active and passive) distribution diagram has been
plotted in Fig. 2.31. However in Fig. 2.33a, the horizontal active
and passive pressures are plotted on the right- and left-hand sides

of the sheet pile, respectively, or active pressure
Po = 9%y

Py = (q+Yd1)KaH

py = (g+ydy*y'd,))K 4 (2.88)
and

Pg = (q+ydy+y'dy+y'D,)K o
and passive pressure

Pro = Y'P7¥y (2.89)

Let point § on the sheet pile be the point of contrafiexure of the
elastic line (compare with point $ of the beam in Fig. 2.32) which
is located at a depth X below the level of the dredge line. The
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Figure 2.33. ZEquivalent beam method.
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Figure 2.33. (Continued).

The elastic line method for sheet pile wall analysis has shown
(Blum, 1930) that the variation of X/d with the soil friction angle
will be as shown in Fig. 2.34. So, knowing d and ¢, the magnitude

AN
AN

0.1 N

xX/d

I

0 >~
20 25 30 35 40 45
Soil friction angle ¢ (deg)

Figure 2.34., Plot of X/d vs. soil friction angle.

of X can be determined by using Fig. 2.34.
The following step-by-step procedure can now be used.

1. Referring to Fig. 2.33b, determine the force P (per unit
length of the wall) which is the area of the pressure dia-
gram ACDS'S and also ZS which defines the location of the
line of action of the resultant.

2. Determine the force P (per unit length of the wall) which
is the area of the pressure diagram BSS" (Fig. 2.33b).
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From Fig. 2.33b
I Moment of all forces about 5§ = 0
So
" =
PSZS —T(d2+X+d1) —P6(X/3) 0
Or, anchor force per unit length of wall
Pele =P, (X/3)
575 6
T = —7—7-”— (2.90)
g PAtay
Again, referring to Fig. 2.33b
I Horizontal forces = 0

or

So

T (2.91)

Now, referring to Fig. 2.33c, determine the forces Py and
Pg (per unit length of the wall)

pgtp

P, = -EQT;L£>(D7-X) (2.92)
P1g*P

Py = (—397—13>(D7-x) (2.93)

Referring to Fig. 2.33c, determine the location of the

line of action of the resultant forces Py and Pg, Or

P £ Pg*2pPy] 2 ou
6 =\ 3 7 (2.94)
Po*P11

Dq-X (Fﬁo*ZPlz (2.95)
7 3 P10*P12 ’

Taking the moment about # (Fig. 2.33c)

and

™~
1]

P (Dy-X) +Pylc ~Pgly = 0 (2.96)

The preceding equation can now be solved to determine D7.
The depth of penetration can now be given as

D= 1.20, (2.97)
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As in the case of an anchored sheet pile wall design by free
earth support method, a factor of safety over X y can be applied
initially and calculations made. In that case, the depth of pene-
tration D, as given by Eq. (2.97), is the design depth of penetra-
tion. An alternative to this method is to use the actual X H in
all calculations and then increase the theoretical depth of pene-
tration [Eq. (2.97)] by about 20-30%.

It should be pointed out that the fixed earth support method
is applicable only in the case where the sheet piles penetrate into
a sand layer. This method of design should not be used when the
surcharge is very large compared to the height of the wall measured
above the dredge line. This also should not be used when the dif-
ference of water levels between the land and water sides is large.
Cornfield (1869) has provided nomograms for design of sheet pile
walls by the fixed earth support method of design for ¢=30° and 35°

Based upon several large scale model tests performed under the
sponsorship of the Bureau of Yards and Docks of the United States
Navy, Tschebotarioff (1973) proposed a simplified equivalent beam
method of design for sheet pile walls. This method is also some-
times referred to as the hinge-at-the-dredge line method. Accor-
ding to this method, a hinge may be assumed to exist along the
sheet pile wall at the level of the dredge line as shown in Fig.
2.35. For a factor of safety of 2 against toe kick-out of the
sheet pile wall, the depth of penetration can be given as

D = 0.43[d+(q/v)] (2.98)

where g = surcharge
Y = unit weight of soil

Note that the term ¢/y in Eq. (2.96) is the equivalent height of
soil in lieu of the surcharge g. The concept of equivalent beam is
used to obtain the magnitude of 7 (anchor force per unit length of
the wall).

2.15 OTHER OBSERVATIONS ON ANCHORED SHEET PILE WALL DESIGN

Tsinker (1983) has observed that the actual behavior of an-
chored sheet pile walls may be very different from that calculated
theoretically. According to him, attempts to make precise mathe-
matical evaluations of an anchored sheet pile walls can result in
misleading and dangerous conclusions. Budin and Demina (1979)

have made many large-scale field observations of sheet pile struc-
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Figure 2.35. Hinge-at-the-dredge-line method of sheet pile wall
design.

tures. Based on these observations, they have recommended that for

)

design the following relationships for the design moment (Mdesign

on sheet piles and the design anchor force (T ) may be used

design

Mdesign - Mmaxxm (2.99)

Psesign = Ta (2.100)

where Am and Aa are empirical factors

The values of Am and Aa as suggested by Budin and Demina
(1979) and later summarized by Tsinker are as follows. For nota-
tion in the following tabulations, refer to Figs. 2.8 and 2.9.

Values of Am:

! .
For df/(d-d{) < 0.25: d4/(d-d]) Ay
1 0.6
2/3 0.65
1/3 0.7
0 0.74
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! .
For di/(d-d{) > 0.25: d4/ (d-d]) Ay
1 0.56
2/3 0.6
1/3 0.65
0 0.7

Values of Aac

For di/(d—di) £ 0.25: dS/(d_di) Aa
1 1.65

2/3 1.6

1/3 1.5

0 1.4

’ .

For dl(d_di) > 0.25: dS/(d_di) Aa
1 1.7

2/3 1.65

1/3 1.55

0 1.45

Lasebnik (1961) has also suggested an empirical procedure for

design and Tdesign‘
however the readers may refer to Tsinker (1983) for a summary of

estimation of M This will not be discussed here

Lasebnik's conclusions.
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CHAPTER 3
Holding Capacity of Anchor Slabs and
Helical Anchors

3.1 INTRODUCTION

In the construction of earth retaining structures such as
sheet pile walls (Fig. 3.1la), it is necessary to use vertical
anchor slabs. These anchors are usually made of reinforced con-
crete slabs and they are often arranged in a row as shown in Fig.
3.1b. In many instances, horizontal anchor slabs and also helical
anchors (Fig. 3.1c and d) are used to ensure stability of founda-
tions subjected to vertical uplifting forces. A typical example
where such type of anchoring may be necessary is a transmission
tower foundation. A relatively limited amount of research has been
done so far to evaluate the holding capacity of anchors. The re-
sults of most of the related research work available at the present

time will be summarized in this chapter.

3.2 ULTIMATE HOLDING CAPACITY OF SHALLOW VERTICAL ANCHOR SLABS
IN SAND

Figure 3.2 shows an anchor slab with a height % and a width B
measured at right angles to the cross section shown. The slab is
embedded in a sand having a unit weight y and angle of friction ¢.
Py is the ultimate load at which the soil in front of the slab will
fail. At failure, the anchor will be subjected to a passive force
derived from the soil located in front of the slab and an active
force due to the soil located behind the slab. The directions of
the active and passive forces are also shown in Fig. 3.2. Thus,

in general

P = (horizontal component)__ (hnrizontal component (3.1)
u of the passive force of the active force '

When the anchor is located at a ehallow depth (that is, a smaller
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Figure 3.1. (a) Vertical anchor slab in a sheet pile wall; (b)
Vertical anchor slabs in a row; (c¢) Horizontal anchor slab; (d)
Helical anchor.

H/h), the failure surfaces in soil located in the front and back of
the wall will extend to the ground surface. These types of anchors
are referred to as shallow anchors. However, if the embedment
ratio H/h is relatively large, local shear failure in soil around
the anchor occurs at ultimate load, and such anchors may be re-
ferred to as deep anchors. For loose sands, anchors with H/h < 4
may be considered as shallow anchors. For- dense sands, anchors

with H/h < about 6 behave as shallow anchors. Investigators such
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Figure 3.2. Shallow vertical anchor slab in sand.
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as Teng (1962), Ovesen and Stromann (1972), and Neeley, Stuart, and
Graham (1973) have proposed theoretical procedures to calculate the
ultimate holding capacity of shallow anchor slabs embedded in sand.

The principles of these procedures are given below.

3.2.1 Teng’s Procedure for Shallow Anchors

Teng (1962) has suggested that for continuous anchors (plane
strain case) with the embedment ratio H/h less than or equal to
about 1.5 to 2

B, = B(Pp - P.) (3.2)
where Pp = Rankine passive force in front of the slab

P, = Rankine active force behind the slab
The distribution of the Rankine active and passive earth pressures

is shown in Fig. 3.3. It has been shown in Chapter 1 that the

Sand
z Y
H 'f ¢
o > Pu
i. ! \
L B
.M —p, —
=YHKa =YHKp

Figure 3.3. Shallow continuous anchor slab--Teng's theory for
determination of ultimate load (1962).
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Rankine active and passive pressures at a depth z below the ground

surface can be given as

P
a

"
]

vz tan?(45-¢/2) v5K (3.3)

a
and

P

p T YA tan2 (45+¢/2) YZKp (3.4)

where P, = Rankine, active pressure at a depth z

Pp = Rankine passive pressure at a depth z
Hence
i 1
P, = j p,ds = fy#Ztan?(45-9/2) (3.5)
0
and
B 1
P, = S p,dz = }y#?tan®(45+4/2) (3.6)
0

For an anchor slab at ultimate load with limited width-to-height
ratio (B/h), a three-dimensional failure surface in soil will be
observed. Hence, if the soil friction at the sides of the slab is
taken into account, the ultimate load can be expressed by the fol-

lowing equation

Py T B(P,-P,) + %Koy(/f;+/f;)ﬁatan¢ (3.7)

where K, = at-rest earth pressure coefficient
Teng (1961) has suggested an approximate value of KO:0.4 for use in
Eq. (3.7).

Example 3.1. Refer to Fig. 3.3. Given #=2 m, h=1 m, B=1] m. For
the soil, y=17.2 kN/m3, ¢=30°. Estimate the holding capacity of
the anchor,

Solution
K, = tan?(45-¢/2) = tan?(45-30/2) = 5
Kp = tan2(45+¢/2) = tan?(45+30/2) = 3
So
1
Py~ FYE2K, = 5(17.2)(2)2(3) = 103.2 kN/m

i}

= lyp2
P = TYH Ka

. %(17.2)(2)2(%) s 11.47 kN/m

/f; = % = 0.577; /E; = Y3 = 1.732

H/h=2/1=2. Hence, Eq. (3.7) is applicable. Using X =0.4



164

"9
i

1 3
B(Pp-Pa) + Txoy(/x_gdg)ﬂ tan¢

(1) (103.2-11.47) + 5(0.4)(17.2) (1.732+0.577) (2) 3tan30

91.73+24,46 = 116.19 kN

3.2.2 Ovesen and Stromann’s Procedure for Shallow Anchors

The procedure for calculation of the ultimate holding capacity
of anchors in sand as proposed by Ovesen and Stromann (1972) is
primarily based on the model test results conducted by Ovesen
(1964). 1In order to understand the procedure, let us consider a
continuous anchor slab of height H, and let the top of the slab
coincide with the ground surface as shown in Fig. 3.4. The ulti-
mate load per unit length of the slab is equal to Pé. The failure

Figure 3.4, Failure surface in soil for basic case of a continuous
anchor,

surface in soil at ultimate load is also shown in Fig. 3.4. For
translation of the slab, the active force behind the slab can be
calculated by using any ordinary active earth pressure theory ap-

plicable for a rough retaining wall. Thus

E, = P,cos¢ (3.8)
F, = Pgsing (3.9)
where p, = active force per unit length of the wall
E, = horizontal component of P,
F, = vertical component of Py
¢ = angle of soil friction

The passive failure surface in soil in front of the slab as assumed
by Ovesen (1964) is shown in Fig. 4. It consists of a straight
rupture line BC through the foot of the slab and a zone of rupture.
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The zone of rupture consists of a Rankine passive zone ADE and a
Prandtl radial shear zone BCD. The Rankine pressure zone consists
of two systems of parallel rupture lines which intersect each other
at an angle of 90%¢. The Prandtl zone consists of straight lines
passing through point 4 and a system of logarithmic spiral arcs
with point 4 as their pole. This kind of failure in soil is re-
rerred to as the SfP rupture. The horizontal and vertical compo-
nents of the passive force derived in this manner can be given as

= Y2
E —-Z-YHK

> (3.10)

pH
and

= 1og2
F_o= 3YHK

tans 3.11
b ( )

pH

where Ep = horizontal component of passive pressure per unit length

of the slab
Fp = vertical component of passive pressure per unit length
of the slab
KpH = horizontal passive earth pressure coefficient
§ = slab-soil friction angle

The value of 8§ can be determined by means of the vertical equilib-
rium condition of the slab, or

F, o= AR, (3.12)

where ¥ = weight per unit length of the anchor slab
Substituting Eq. (3.11) into the preceding equation, we obtain

WeF,
Kotans = (3.13)

T .2
s YH

Figure 3.5 gives a plot of KpH VS, KthanG for various soil
friction angles, ¢. Once the value of X q is known, the magnitude
of Ep can be easily estimated by using Eq. (3.10). Now, consider-
ing the horizontal equilibrium of the slab

(- B
Pu Ep Ea

Log2

ohi~Fa (3.14)

This value of Pd determined by Eq. (3.14) is referred to as the
holding capacity for the basic case.

Now, consider a continuous anchor slab as shown in Fig. 3.6,
for which n<#. This is referred to as the strip case. The ulti-

mate holding capacity per unit length of the slab for the strip
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Figure 3.5. Variation of KpH Vs, Kthand for various values of
soil friction angle (after Ovesen and Stromann, 1972).

A et

Figure 3.6. Strip case for a vertical anchor.

case is equal to Pds' Based on experimental evidence, Ovesen and
Stromann (1972) have given a nondimensional plot for the variation
of Pés/P& and #/H for an anchor slab embedded in loose and dense
sand. This variation of Pds/Pd can be approximated as (Dickin and
Leung, 1985)
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PL'IS COV+1
By = T 2y (3.15)
u ov

where Cov = 19 for dense sand and 14 for loose sand

Hence with known values of Pd and H/h, the magnitude of Pds
can be estimated. At this time, it needs to be pointed out that
most anchor slabs used in actual construction cannot be considered
to be equivalent to the strip case due to the fact that they have
limited width-to-height ratios (B/h). Hence the actual holding ca-
pacity, P of the anchor will be greater than PdsB due to a three-
dimensional failure surface in soil. In order to take this into
account, an equivalent width concept for the anchor may be intro-

duced. This is shown in Fig. 3.7 in which B, is the equivalent

k___ B —ﬂ Sand

r

1
S P—t—5 +—pj
|
|
d

1
|
|
-

> —
®

— Be ——ﬂ
Figure 3.7. Equivalent width of a vertical anchor.

width. Note that Be will also be a function of the center-to-
center spacing of the slabs. Based on laboratory model and field
tests, Ovesen and Stromann (1972) have given a nondimensional plot
of (Be-B)/(H+h) vs. (8-B)/(H+h) which is shown in Fig. 3.8. In
this figure, note that S is the center-to-center spacing of the
anchor slabs. Once the value of B, is estimated from Fig. 3.8, the

ultimate load for an anchor slab can be estimated as

P, = PlsBe (3.16)

Following is a step-by-step procedure to obtain P

1. Determine H, h, B, and S for the anchor slabs and, also,
the values of v and ¢ for the soil.

2. Determine E, and Fy [(Eqs. (3.8) and (3.9)]. The value of
P_ in Eqs. (3.8) and (3.9) can be determined from any

a
standard graph or table given in Chapter 1.



168

0.5
Dense
sand
0.4
< /
é 0.3 Loose
g sand
~
:? /
o 0.2
a ////’
N4
0
0 0.5 1.0 1.25

(5-B)/(H+nh)

Figure 3.8. Variation of (Be—B)/(H—h) with (S-B)/(H+h) (after
Ovesen and Stromann, 1972).

3. Determine ¥ for the anchor slab. Note that

W = HtYC
where Ye
t

4,
5.
6. Calculate
7. Using Eq.
8. Using Fig.
9.

(3.17)

unit weight of the slab material
thickness of the slab

Calculate Kthand from Eq. (3.13).
Determine the value of KpH from Fig. 3.5.

Pé from Eq. (3.14).
(3.15), estimate P&s for the known value of H/h.
3.8, obtain By

Calculate the hblding capacity of the anchor slab by using

Eq. (3.16).

Example 3.2. Consider the vertical anchors given in Example 3,1,

Assume that the anchors have a thickness of 0.15 m and are made of

concrete. The unit weight of concrete YC=23.5 kN/m3. Calculate

the ultimate holding capacity of the anchor for S=1 m, 2 m, 3 m,

and 4 m. Use the procedure suggested by Ovesen and Stromann

(1972).



169

Solution

From Example 3.1, H=2 m, h=1 m, v=17.2 kN/m%, and ¢=30°,

We will use Coulomb's earth pressure theory to calculate Py
for the basic case. From Eq. (1.32), using B=90°, &=¢=30°, and
a=0°, £,=0.296. So '

= top2
P = 'fYH Ka

P = +(17.2)(2)%(0.296) = 10.182 kN/m

From Eqs. (3.8) and (3.9)

E, = P,cos¢ (10.182) (cos30) = 8.817 kN/m

&)
It

Pasin¢ (10.182) (sin30) = 5,091 kN/m
From Eq. (3.17)

W = thc
Given ¢t = 0.15 m, so

¥ = (2)(0.15)(23.5) = 7.05 kN/m

From Eq. (3.13)

W+F
X tans = a _ 7.05+5.091 = 0.353

pit W2 () (17.2) (2)?

For Kthan6=O.353 and ¢=30°, the value of KpH can be obtained from
Fig. 3.5 to be about 3.35. So, using Eq. (3.14)

Pl = FYHZK -F = (3)(17.2)(2)2(3.35) - 8.817 = 106.42 kN/m

pH

For the strip case, H/h=2/1=2.

In order to obtain Pé let us consider that the sand 1is

S’
loose., Now, from Eq. (3.15)

p! c 1

us ov' 14+1
P T (/AT - Tewr < 0938
u ov

So, P! =(0.938)(106.42)=99.82 kN/m.

Now, the following table can be prepared to calculate Py for
various center-to-center spacings of the anchors.

Note: There are several things to observe from this solution, and
they are:
1. The value of Pu does not increase when S5>3B.

2. The value of P, as calculated in Example 3.1 is for the
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a
5 B 5-B Hth %—2— ;%—B- B, Pu=PdSEeb
{(m) (m) (m) (m) (m) (kN)
1 1 0 3 0 0 1 99.82
2 1 1 3 0.333 0.09 1.27 126.77
3 1 2 3 0.67 0.24 1.72 171.7
4 1 3 3 1.0 0.24 1.72 171.7

9From Fig. 3.8 (for loose sand)
bp! =99.82 kN/m

condition §>3B which means that the interference due to
the anchors located on both sides of this anchor does not
exist. However, the value of Pu determined from Example
3.1 is smaller than that calculated in this problem.

3. Teng's method for determination of the ultimate holding

capacity of anchors is conservative.

3.2.3 Analysis of Shallow Anchors By Biarez, Boucraut and Negre

Biarez, Boucraut, and Negre (1965) have presented the calcula-
tion methods for obtaining the ultimate load of strip vertical an-
chor slabs by means of limit analyses. The resistance of shallow
anchors (H/h<4) is dependent on the anchor roughness and the self-
weight of the anchor. Dickin and Leung (1985) have expressed the
original expression of Biarez et al. (1965) in the following sim-
plified form

sin2¢

K
H 1, H H
Myq = (KpH-KaH)(F -5) + 7?3511313777(5 -1)2 (3.18)

In the preceding expression

MYq = force coefficient = Pds/yhz
Pds = ultimate load per unit length of the anchor
KpH’KaH = horizontal components of passive and active earth pres-

sure coefficients, respectively
An expression for determination of the ultimate load of shal-
low square anchors has also been given by Biarez et al. (1965).
In a simplified form, it can be expressed as (Dickin and Leung,
1985)

P

= u_ By o p— H 2
Myq(S) © YBRZ Myq MRS KpH— Kan) G- %)
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+ 301+0) (B (k) sin2¢ (- 1) (3.19)

here M = force coefficient of square anchors
WheTE Byq(s) 4

3.2.4 Meyerhof’s Theory

Meyerhof (1973) analyzed the ultimate capacity of inclined an-
chors in sand--both for shallow and deep embedment conditions.
According to his theory, the ultimate load per unit length (Pd) of
a shallow vertical strip anchor slab can be given by the following
relationship (with reference to Fig. 3.3)

= Lvp2
P, = 3YD2K B (3.20)

where DO = H-h/2
Ky = earth pressure coefficient
B width of the anchor slab
The interpolated values of Ky from the work of Meyerhof (1973)
are given in Fig. 3.9.

L

/

20 30 40 45
Soil friction angle ¢ (deg)

Figure 3.9. Meyerhof's values of Ky for use in Eq. (3.20).
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3.2.5 Neeley, Stuart and Graham’s Method

Neeley, Stuart and Graham (1973) have given a theoretical so-
lution for estimation of the ultimate holding capacity of shallow
vertical anchors in sand. The solution has been developed by con-
sidering only the passive pressure mobilized in front of the anchor
slab. The nature of failure surface as obtained by this method is

shown in Fig. 3.10. This method uses the equivalent free surface

!
h > Pus

i Arc of
x log spiral

Figure 3.10. Holding capacity of a vertical strip anchor as
analyzed by Neeley et al. (1973),

concept as proposed by Meyerhof (1951) for bearing capacity analy-
sis of foundations. According to this theory, the shear stress

along line AC (Fig. 3.10) may be given as

s, = mpotan¢ (3.21)

where 84 and Py mobilized shear and normal stress on the equiva-
lent free surface AC

degree of mobilization of shearing resistance on

3
n

the equivalent free surface
The magnitude of m may vary between zero and one.

From Fig. 3.10, it can be seen that

H_ 1+ (sin6c05¢)eetan¢ (3.22)
7 .

cos{é+n)

With the above assumptions and using the stress characteristic
solution procedure, Neeley et al. (1973) have expressed the ulti-
mate holding capacity for plane strain case in the form of a non-

dimensional force coefficient, or
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P!

us
M = 3.23
va T (3-23)
where MYq = force coefficient
Pds = ultimate load per unit width of the strip anchor slab

The force coefficient, MY , is a function of H/h, ¢, and m.
Das (1983) has suggested that the solutions of Neeley et al.
(1973) can be expressed in a more convenient form as

Pl
_ “us
Nq = A (3.24)
where ¥ = breakout factor

Using the solution of Neeley et al. (1973), the variation of Nq has

been calculated and is shown in Fig. 3.11. In a similar manner,
30
/—-
/ ¢=450
20 — -

1 L] 30°
- A
g ’{/ ’/'—_—_______
77 —_— =1
——=+ m=0
2
1 2 3 4 5
H/h

Figure 3.11. Variation of Nq [Eq. (3.24)] with H/h and ¢--based on
the analysis of Neeley et al. (1973).

for rectangular anchors, the breakout factor

P
u

IYq(R) = m— = NqSF (3.25)
where Sp = shape factor
The variation of Sg with B/# and E/h is given in Fig. 3.12. It
needs to be pointed out that the solution of Neeley et al. (1973)

does not take into account the effect of interference of the
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Figure 3.12. Variation of the shape factor, Sg (after Neeley et
al., 1973).

anchors located on the sides.

Example 3.3. Solve Example 3.1 by using the method proposed by
Neeley et al. (1973).

Sotution
Given H=2 m, k=1 m, B=1 m, ¢=30°. So, B/h=1; H/h=2. Refer-
ring to Fig. 3.11, for H/h=2

¥o= 4,5 (for m=1)
q 4 (for m=0)

From Fig. 3.12, for B/h=1 and H/h=2, SF=1.65. Hence, from Eq.
(3.25)
(4.5)(1.65)(1)(1)(17.2)(2) = 255.42 kN (m=1)

(4) (1.65) (1) (1) (17.2)(2) = 227.04 kN (m=0)

P, = IVqSFBhyH = {

Note: Pu=227‘04 kN as obtained above with m=0 is the lower limit.
The value of Py obtained by this method with m=0 is somewhat
higher than that obtained by the method of Ovesen and Stromann
(1972) (Example 3.2) with S>about 3B (that is, with no interference

due to the adjacent anchors).

3.2.6 Load-Displacement Relationship for Shallow Vertical
Anchors in Sand
In many cases, it may be necessary to determine the allowable

holding capacity of shallow vertical anchors for a limited hori-
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zontal displacement condition., Figure 3.13 shows the general
nature of load vs. displacement plots for shallow anchors as ob-
served by Neeley et al. (1973). From this figure, the following
features may be observed.

B/h<2; H/h>2

Load P

B/h>2; all H/h
B/h<2; H/h<Z

A

Displacement

Figure 3.13. Nature of variation of load vs. displacement of
shallow vertical anchor slab as observed by Neeley et al, (1973).

1. For anchor slabs with B/h>2, the load-displacement plot
shows a peak value for ultimate load P=P at a displace-
ment of A=Au.

2. For anchor slabs with B/h<2Z, two types of load-displace-
ment plots are observed. When embedment ratio H/h is less
than 2, the load P increaseswith displacement A and
reaches a maximum value at P=Pu with displacement of A=Au.
Beyond this point, the load on the anchor remains constant
with further increase of displacement (that is, P=Pu for
A>Au). However, when the embedment ratio of the anchors
is greater than 2, a maximum load is never observed. The
ultimate load may be defined as the point at which the
load-displacement relationship becomes practically linear
and a large displacement is observed with a small increase
in load.

Figure 3.14 shows a nondimensional plot of the displacement
with embedment ratio as observed by Neeley et al. (1973). These
results were obtained from the laboratory experimental results con-
ducted in medium dense sand. Similar laboratory model tests in
loose and dense sands have also been conducted by the author. It
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Figure 3.14. Nondimensional plot of Au/h vs. H/h for various
values of B/h (after Neeley et al., 1973).

appears that the general range of Au as given in Fig. 3.14 is es-
sentially in the correct range.

Based on their model tests, Das and Seeley (1975) proposed the
following nondimensional relationship which holds good for H/h<5
and B/h<5

A/Au

PPy T TS0 85 (A78,)] (3.26)

where P = load at a horizontal displacement of A<hy

P, = ultimate load at a horizontal displacement of b,
If the ultimate load P, can be estimated by using the theories pre-
sented in the preceding sections and the displacement Au at the
ultimate load can be obtained from Fig. 3.14, then an estimate of
the anchor holding capacity P at any other displacement A can be
calculated from Eq. (3.26). However, it needs to be pointed out
that this estimated value of P is only approximate, since the value

of Au may vary somewhat from that shown in Fig. 3.24.

Example 3.4. Consider a vertical anchor in sand with F=5 ft, h=2
ft, and B=4 ft. For the soil, y=105 1b/ft3 and ¢=35°. Determine:
a. the ultimate holding capacity, Py
b. the displacement of anchor at ultimate load, Au
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c. the holding -capacity of the anchor for a displacement of

1 in,

Solution
Part a. From Eq. (3.25)

P

N = U
q YBEHSF

For this anchor, H/h=5/2=2.5; B/h=4/2=2. From Fig. 3.11, for ¢=

35° and H/h=2.5, Nq:7.1 (for m=0 to be conservative). Also from

Fig. 3.12, for B/h=2 and H/h=2.5, SF:1.3. Hence

71 = 8 - i
"t T yEESE T TIOS) (D) (A () (1-3)

or

P, = 38,766 1b

Part b. For B/h=2 and H/h=2.5, the value of Au/Azo.Zl (Fig. 3.14).

Hence

8, = (0.21)(k) = (0.21)(24 in.) = 5.04 in.

Part c¢. Given A=1 in. So A/Au=1/5.04=0.198. From Eq. (3.26)

Ay 0.198

B/By = [0.1§+0.85(A/Au)]= [0.15+0.85(0.198)]

= 0.622

Hence

P = (0.622)(P,) = (0.622)(38,766) = 24,112 1b

3.2.7 Deep Vertical Anchors in Sand

As explained in Section 3.2, anchors can be defined as shallow
when the failure surface of the soil at ultimate load extends up to
the ground surface. For shallow anchors, the breakout factor ¥
[or Nq(R)] increases with embedment ratio (#/4) up to a maximum
value. The embedment ratio at which the maximum value of ¥ |[or
Nq(R ] is attained can be defined as the critical embedment ratio,
(H/h)cr' For H/h>(H/h)Cr, an anchor behaves as a deep anchor, and

the value of Nq {or N R ] remains constant (Fig. 3.15). Very few

q(R)
laboratory or field tests available at this time have been extended
to embedment ratios of H/h>(H/h)cr' Meyerhof (1973) has indicated

that for square anchors, (H/hjcr is about 4 in loose sand, and it
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Figure 3.15. Nature of variation of Nq or Nq(R) with #/h.
increases up to about 8 in dense sand. For strip anchors, the
critical embedment ratio is about 50% more than the above-stated
cr’ Meyerhof (1973) has
proposed the variation of Nq and Nq(R) for deep anchors with the

limits. Based on the above values of (H/h)

soil friction angle ¢. This is shown in Fig. 3.16.
Ovesen (1964) has also given an approximate relationship for
the holding capacity of deep rectangular anchors as

P
Yo (r) Y—H;T = (1.6+4.1tan*¢) (1-sine) (e"**™¥)tan2 (45+9/2) 5,

(3.27)

where Sg = shape factor
The value of Sg is equal to 1.2 for square anchors and 1.0 for
strip anchors. However, Ovesen has suggested that, due to the ap-
proximations involved in obtaining Eq. (3.27), the value of Sp may
be taken as 1.0 for all anchors [that is, ¥ =Nq(R)]' The variation
of Nq=Nq(R) as obtained from Eq. (3.27) (with SF=1) is also shown
in Fig. 3.16. Note that Ovesen's values of Nq=Nq(R) are higher
than those recommended by Meyerhof.

Based on some laboratory model test results, Das (1983) has
suggested a conservative empirical correlation for the critical em-
bedment ratio for square anchors which is of the form

(H/h)Cr = 5.5+0.166(¢-30) (for ¢<30°<45°--
square anchor) (3.28)
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Figure 3.16. Breakout factor for deep vertical anchors.

Figure 3.17 shows a comparison of the laboratory model tést
results of Das (1983) and Akinmusuru (1978) for square anchors with
the theories of Meyerhof (1973) and Ovesen (1964). The comparison
shows that the model test results are somewhat lower than the pre-
dicted values.

3.2.8 Soil Friction Angle for Estimation of the Ultimate Anchor
Capacity

It is entirely possible that in the field progressive failure
in the soil mass around the anchor will take place at ultimate
load. This means that the maximum resistance is not mobilized in
the soil mass simultaneously at all points, In such a case, if the
peak friction angle ¢ of the soil is used to estimate the ultimate
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Figure 3.17. Comparison of model test results with theory for deep
vertical anchors.

capacity of an anchor, it may result in serious overprediction.

For that reason, caution needs to be used in selecting the friction

angle of the sand. For continuous anchors, Dickin and Leung (1985)
have suggested that the mobilized plane-strain friction angle ¢mp
should be used in lieu of the peak plane-strain friction angle ¢p5
for calculation of ultimate load, or

dmp = $ps (1-P) + Pro (3.29)

where ¢cp critical state friction angle

P

r progressivity index (=0.8)

3.3 VERTICAL ANCHOR SLABS IN CLAY

As in the case of anchor sliabs in sand, the ultimate load of
vertical anchors embedded in saturated clay (¢=0 concept) can be
expressed in a nondimensional form as

Ve = Bhes (3.30)



where N =
P

S we 0
Y

e =
u

= ultimate load

= anchor height

breakout factor

length of anchor

undrained cohesion of clay
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Mackenzie (1955) has reported some laboratory model tests for

strip vertical anchots in saturated clay, and these results are

shown in Fig.

[

Figure 3.18.

Breakout factor W
~

3.18 in a nondimensional form, that is, NC

vs. H/h.
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Embedment ratio H/k

Meyerhof (1973) and Mackenzie (1955).

Variation of N. vs. H/h based on the studies of

It can be seen from this figure that v increases with the embed-
ment yatio K/h up to a value of about 8.5 at #/h=11.

about 11, the value of v remains approximately constant.

For H/h>
Based on

this, the following general conclusions can be drawn:

1. Vertical anchors behave as shallow anchors up to a criti-
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cal embedment ratio of H/h=(H/h)cr. For shallow anchors,
the breakout factor increases with embedment ratio.
2. For H/h>(H/h)cr, the anchors behave as deep anchors and,
for this case, the magnitude of NC=Né remains constant,
Based on limited test results, Meyerhof (1973) has suggested
the following:

For Strip Anchors:

N, = 1.0(H#/h)<8 = Né (3.31)
For Square Anchors (that is, B=h)
. = 1.2(8/R)29 = N} (3.32)

For Circular Anchors (that is, h=anchor diameter):

v, = 1.2(8/n)<9 = Né (3.33)

Equations (3.31) and (3.32) are also plotted in Fig. 3.18,

More recently, Das, Tarquin, and Moreno (1985) have provided
some laboratory test results for the ultimate capacity of verti-
tal anchors. According to these test results, the critical embed-
ment ratio of square and rectangular anchors will change with the
magnitude of ey (undrained shear strength of clay)

= -3
(H/h)cr(S) 4.7+2.9%x10 cui7 (3.34)

and
(H/h)cr(R) = (H/h)cr(s)[0.9+0.l(5/h)] (for B/h<4) (3.35)

where (H/h)cr(s) and (H/h)cr(R) = critical embedment ratio of
square and rectangular anchors, respectively, and ey is in 1b/ft2?,

For deep anchors, that is H/h>(H/h)cr’ the breakout factor
NC=Né can be given as

Né = 9{0.825+0.175(k#/B)1 (3.36)
For shallow anchors, that is H/hi{H/h)cr, the breakout factor for
square and rectangular anchors can be given by the empirical equa-
tion
H/h
velmrmy,,!
cr
N, = U (3.37)
0.41+0.59( T ]

Example 3.5. A square vertical anchor 0.5 m x 0.5 m in dimension
is embedded in a saturated clay. Given #=1.5 m and cu=for the clay
is 47.9 kN/m?2. Determine the ultimate holding capacity of the



anchor. Use the equations of Das, Tarquin, and Moreno (1985).

Solution
Given B=h=0.5 m.
Check for shallow anchor condition. From Eq. (3.34)

= -3
(B/R) cp(s) = 4-7+2.9%107 3¢ <7

e, = 47.9 kN/m2 = 1000 1b/ft?
So
(H/h)cr(s) = 4,7+(0.0029) (1000) = 4.7+2.9 = 7.6>7

So (#/h)p(s) = 7

For the case given in this problem, H/h=1.5/0.5=3<7. Hence,
is a shallow anchor.
From Eq. (3.37)

. 9(3/7) _3.86
Ve = go2Te0-50(3/7) - 0663 - °-82

So

|
I

N_hBe, = (5.82)(0.5)(0.5)(47.9) = 69.7 kN

3.4 UPLIFT CAPACITY OF HORIZONTAL ANCHORS IN SAND
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this

Figure 3.19 shows a horizontal anchor embedded in a sand at a

depth H below the ground surface. The length and width of the

Figure 3.19. Parameters for a shallow horizontal anchor in sand
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anchor are L and B, respectively. When the anchor has a relatively
shallow embedment ratio (H#/B) and is subjected to a gross ultimate
load Pg, the failure surface in the soil will extend to the ground
surface. The failure surface intersects the ground surface at an
angle a. The value of a can vary from about 90° for very loose
sand to about 45-¢/2 degrees for very dense sand with an average
of about 90-¢/2 degrees. When the failure surface in soil extends
up to the ground surface under the gross ultimate load, the anchor
may be defined as a shallow horizontal anchor. However when the
embedment ratio (#/B) is large, local shear failure in the soil
around the anchor will occur, and the failure surface in soil will
not extend to the ground surface. This type of anchor may be de-
fined as a deep horizontal anchor.

The net ultimate uplift capacity (PO) of an anchor can be
given as

P =P -W 3.38
g ( )

where W, = effective self-weight of the anchor

Several investigators have proposed a number of theoretical
solutions for obtaining P,. An excellent review of these works
has been given by Vesic (1971). He proposed that the net ultimate
capacity P, can be expressed by the following simple relation

P
]

(YAH)IVC{ (3.39)
where vy = unit weight of soil
A = area of the anchor = LB

N'

q breakout factor for horizontal anchors
For shallow anchors, Né will increase with H/B. The value of Né

is a function of several factors, or

Ny = f(B/L,R/B,$) (3.40)
However, beyond the critical embedment ratio, H/B=(H/B)cr’ the
value of ¥! will remain constant (Fig. 3.20). This is called as

deep anchor condition.

Based on the theory of expansion of cavities, Vesic (1971) has
presented expressions for N& of shallow anchors. Tables 3.1 and
3.2 show Vesic's theoretical values of the breakout factor (Né)
for strip and circular anchors, respectively. Based on laboratory
test experiments on anchors in sand, the author feels that the
theory of uplift capacity of shallow anchors as presented by
Meyerhof and Adams (1968) gives better agreement with the actual



Figure 3.20.

sand.

14
q

Breakout factor N

Shallow

anchor \ '

Deep
anchor

/) ey

.

Embedment ratio H/h

Table 3.1. Vesic's Né for Shallow Strip Anchors

Soil

friction /B
angle ¢
(deg) 0.5 1.0 1.5 2.5 5.0
0 1 1 1 1 1

10 1.09 1.16 1.25 1.42 1.83
20 1.17 1.33 1.49 1.83 2.65
30 1.24 1.47 1.71 2.19 3.38
40 1.3 1.58 1.87 2.46 3.91
50 1,32 2.04 1.96 2.6 4.20

Table 3.2. Vesic's Né for Shallow Circular Anchors

Soil
friction /B
angle ¢
(deg) 0.5 1.0 i.5 2.5 5.0
0 1 1 1 1 1
10 1.18 1.37 1.56 2.08 3.67
20 1.36 1.75 2.20 3.25 6.71
30 1.52 2.11 2.79 4.41 9.89
40 1.65 2.41 3.30 5.45 13.0
50 1.73 2.61 3.56 6.27 15.7

185

Definition of shalliow and deep horizontal anchors in
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test results. For that reason, a more detailed discussion is in-
cluded in this section. Meyerhof and Adams' theory (1968) can be
easily explained by referring to the horizontal strip anchor shown
in Fig. 3.21. At ultimate load, the stability of the soil wedge

Figure 3.21. Derivation of Eq. (3.48).

abed located immediately above the anchor can be expressed as

Pé = 2Pésin6+w (3.41)
where Pé = net ultimate uplift load per unit length of the anchor
Pé = passive force per unit length along the faces ab and ed
W = weight of soil per unit length of the anchor
¢ = inclination of P' with the horizontal

Note that, in Eq. (3.41)
W = BHY (3.42)
The horizontal component of Pé can be expressed as

1 = ' =£_ 2
Py Ppcosé 2KpﬂyH (3.43)

where Pﬂ = horizontal component of P!

1}

KpH horizontal component of passive earth pressure coeffi-
cient

However

e = Dt = pt =_1_ 2
Pp51n6 Pp(cosé)(tané) Phtand 2KpHyH tané (3.44)
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Combining Eqs. (3.41) and (3.44)

! = 2 .
! KpHH tand+w (3.45)

For an average value of a=90-¢/2, Meyerhof and Adams (1968) have
shown that

§ = %¢ (3.46)

The corresponding passive earth pressure coefficient (KpH)
based on curved failure surface for 8§=(2/3)¢ can be obtained from
Caquot and Kerisel (1949). Furthermore, it is convenient to ex-
press Kthand in the form

K&tan¢ = Kthand (3.47)

where Kd = nominal uplift coefficient
The variation of the nominal uplift coefficient with the soil fric-

tion angle ¢ is shown in Fig. 3.22. Note that the walue of KG does

/

25 30 35 40 45 50
Soil friction angle ¢ (deg)

Figure 3.22. Variation of Kd with soil friction angle.

not vary substantially with ¢ and, for all practical cases, may be
taken as 0.95. Thus, from Eqs. (3.45) and (3.47)

p! = Kdsztan¢+W (3.48)

!
o
The preceding equation can be modified to determine the net uplift
capacity of circular and rectangular anchors in the following
manner:

Cireular anchors:
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= ] 291 4
P, (ﬂ/Z)SFyBH Kutan¢+w (3.49)

where B = diameter of the anchor

Rectangular anchors:

= 2 ¢ [ _ [ '
P, = YH CZSFB+L B)Ktan¢+W (3.50)
where Sﬁ = shape factor
W' = weight of soil located above the anchor

The shape factor can be approximated as
Sg = l+m(H/B) (3.51)
where m = a coefficient

The values of m as recommended by Meyerhof and Adams (1968)
are as follows:

Friction angle ¢ m
(deg)
20 0.05
25 0.1
30 0.15
35 0.25
40 0.35
45 0.5
50 0.6

Linear interpolation may be used for obtaining m for intermediate
friction angles.

Das and Seeley (1975) and Das and Jones (1982) have shown that
Meyerhof and Adams' equation can be conveniently transformed to the
form of Eq. (3.39). This can be done in the following manner.

For circular anchors: From Eqs. (3.49) and (3.51)

P, = (n/Z)[l+m(H/B)]YBH2Kdtan¢ +(n/4)B2HY
or
P, = (ﬁ/4)BzHY{2[l+m(H/B)](H/B)K&tan¢+l}= AyHNé (3.52)
where 4 = area of the anchor = (n/4)B?
Né = {2[l+m(H/B)](H/B)Kdtan¢+l} (3.53)

For rectangular anchors:

P, = sz{z[1+m(H/B)]B+L-B}Kdtan¢ + BLHY

or
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"o
[l

BLHY({[l+2m(H/B)](B/L)+1}(H/B)Kdtan¢+l)

AYEN (3.54)

where 4 = area of the anchor

N!
q

breakout factor

{[l+2m(H/B)](B/L)+l}(H/B)Kétan¢+1 (3.55)

The variation of Né for square and circular anchors is shown in
Fig. 3.23.

100

452

50 4

) N

n' 35° |Deep
4 anchor
10 / ® |zone
///i;///7/ 30°
L /S /

/
5 //
//i//

2

/
/¢=20°

1 2 4 6 8 9
H/B

Figure 3.23. Plot of Né [Eq. (3.53)] for square and circular
anchors.

Deep Horizontal Anchors

Equations (3.53) and (3.55) as presented above for estimation
of the net ultimate uplift capacity are for shallow circular and
rectangular anchors. It can be seen from these equations that, for
a given value of ¢, the magnitude of N' increases with embedment
ratio. As has been previously mentioned in this section, the value

of Né for deep anchors is practically constant beyond a critical
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embedment ratio H/B=(H/B . Hence, for deep anchors
crT p

_ '
o = AYERS (qeen) (3.56)

where Nd(deep)

The relations for ¥' deep) can be obtained by substituting
(H/B)Cr in Eqs. (3.53) and (3.55) (Das and Jones, 1983), or

= breakout factor for deep anchors

Né(deep) = ({2[l+m(H/B)cr]}(H/B)Crkétan¢+1)
(circular anchors) (3.57)
Vi(deepy = (111+2m(#/B)  1(B/L)+1}(H/B) . K ]tan¢+1)

(rectangular anchors) (3.58)

Meyerhof and Adams (1968) have recommended the following val-
ues of the critical embedment ratio for square or eircular anchors

L(B/B) 1 ()]

Soil friction angle ¢ (#/B)
(deg) cr(S)

20
25
30
35
40
45
48 1

.5

k= WO ~J U NN

Based on laboratory model test results, Das and Jones (1982) have
suggested that, for rectangular anchors

(8/B) cp(py = (H/B)p(sy[0-133(L/B)+0.8671<1. 4 (H/B) (g

(3.59)

Step-by-Step Procedure to Estimate 7,

Based on the discussion presented above, following is a step-
by-step procedure to estimate the net ultimate uplift capacity of
horizontal anchors:

1. Determine H, L, and B for the anchor and ¢ for the soil.

2 Determine H/B for the anchor.

3. For a given value of ¢, determine (H/B)cr(s)'

4

Using Eq. (3.59), determine (H/B)cr(R)'
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5. If #/B (Step 2) is less than (H/E)cr(R)’ it is a shallow
anchor. For this case, use Eq. (3.53) or (3.55) as the
case may be to obtain P

6., If H/B>(H/B)cr(R)’ use Eq. (3.57) or (3.58) as the case

may be to obtain Py

Example 3.6, Refer to Fig. 3.19. For a horizontal anchor, given
H=2 m, L=0.6 m, B=0.3 m, ¢=35°, and y=18 kN/m®. Estimate the net
ultimate uplift capacity.

Solution
Given H/B=2/0.3=6.67

For ¢=35°, (H/B)cr(s)=5’
From Eq. (3.59)

(/) pry = (B/B)cp(sy10-133(L/B)+0.867]

]

500.133(2)+0.867)<1.4(A/B) .y (gy=7

Since H/B=6.67>(H/B)cr(R)=5.67, it is a deep anchor.
From Eq. (3.58)

Né(deep) = {[1+2m(H/B)cr(R)](B/L+1}(H/B)CrKl'ltan¢+l

kK'=«0.95; For ¢=35°, m=0.25. So
u

Hi(deep) = ([1+2(0.25)(5.67)10.5+13(5.67) (0.95) (tan357)+1
= 12
P0 = Nd(deep)AYH = (12)(0.6x0.3)(18)(2) = 77.76 kN

Veesaert and Clemence’'s Theory for Horizontal Circular Anchors

Veesaert and Clemence (1977) assumed a failure surface in the
shape of a truncated cone (Fig. 3.24) above a shallow circular an-
chor having a diameter B. With this type of failure surface, they
determined the net ultimate uplift capacity of shallow circular
anchors as

3
P, = yVS+nkatan¢cosz(¢/2)[Egi +E_£§%£Qizl] (3.60)

where Vs = yolume of truncated cone above the anchor

K, = coefficient of lateral earth pressure

The relationship for V. is
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e~ 5

Figure 3.24. Assumption of the failure surface in sand for a cir-
cular horizontal anchor--Veesaert and Clemence's theory (1977).

vy = (mn/4) [B+Htan(¢/2)]1%H (3.61)

Substituting Eq. (3.61) into Eq. (3.60)

P P

N'= o =.._O__
q (n/4)B2yg AYE

[1+(4/B)tan(¢/2)12 + 4K tan¢cos? (¢/2) 5 (H/B)+

(r/5)2Lan(e/2) (3.62)

A comparison of laboratory and field test results shows that
the value of K, in the preceding equation may vary between 0.6 to
1.5 with an average of 1. Using an average value of K0=1 in Eq.
(3.62), the breakout factors have been calculated and are shown in
Fig. 3.25. A comparison of the breakout factors shown in Figs.
3.23 and 3.25 shows the following:

1. For ¢ up to 35° with Ko=l, Eq. (3.62) yields higher values

of ¥! (for similar H/B) than those obtained by using Eq.
(3.53). For ¢=40°, Egqs. (3.53) and (3.62) yield similar
values.

2. For ¢=40°, Eq. (3.62) yields lower values for a given H/B

as compared to those obtained by using Eq. (3.53).

3.5 UPLIFT CAPACITY OF HORIZONTAL GROUP ANCHORS

In some instances, horizontal anchors are used in groups (Fig.
3.26). Unlike theoretical and experimental studies relating to
the uplift capacity of single anchors, very few attempts have so
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{Eq.

Plan of a group of circular horizontal anchors.

far been made to evaluate the ultimate uplift capacity of group an-

chors.

chors can be defined as

P
n=__0_£_&l<

nPo -

1

In sand and clay, the group efficiency of horizontal an-

(3.63)
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where n = group efficiency
Po(g) = net ultimate uplift capacity of anchor groups
P, = net ultimate uplift capacity of single anchors
n = number of anchors in the group

The only theory presently available on group anchor uplift
capacity is that given by Meyerhof and Adams (1968). According to
this theory, for a group of circular anchors it is assumed that the
passive earth pressure along the curved portion of the perimeter of
the group is governed by the shape factor S% and the passive earth
pressure along the straight portions is the same as for strip an-

chors. Thus, for a shallow anchor group

Po(g) = YHZ[a+b+Slg(1r/2)B]KL’1tan4> + wg’ (3.64)

distances between centers of the corner anchors on
length and width side

where a and b

Wé weight of the soil located immediately above the
anchor group

Thus, by substituting Eqs. (3.50) and (3.64) into Eq. (3.63), we
can obtain the theoretical group efficiency. Based on the experi-
ences of the author, Meyerhof and Adams' theory only provides the
general trend. Figure 3,27 shows some of the model test results of

the author and the comparison with the preceding theory.

3.6 UPLIFT CAPACITY OF HORIZONTAL ANCHORS IN CLAY

Figure 3.28 shows a horizontal anchor in a saturated clay sub-
jected to an uplifting force. The width of the anchor is B and the
depth of embedment is equal to H. For anchors located at shallow
depths, the failure surface in soil will extend to the ground sur-
face as shown in Fig. 3.28. The failure surface in soft elays will
be almost vertical; whereas, in stiff clays, it will intersect the
ground surface at an angle of about 45 degrees. However, at larger
embedment ratios (#/B), local shear failure occurs, and the failure
surface in soil will not extend to the ground surface (deep anchor
condition).

For undrained conditions in clay (¢=0), the gross ultimate
holding capacity Pg can be expressed as (Vesic, 1971)

= ' -
Pg A(cuNC+yH) Wy (3.65)

where Né = breakout factor

Y = unit weight of soil



195

I i | |
Theory .
100 - Group 3x3 /////
-~
2x1 "i; -
-~ rd
”~ 1
// P A 4
- P
”~
-
-
N
oy
H/B=6 -
Experiment
® Group 2x1
B Group 3x1 ]
A Group 3x2
¥ Group 3x3
0 i i |
1 2 3 4 5 6

sC/B

Figure 3.27. Comparison of laboratory group efficiency for hori-
zontal anchors with theory.
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Figure 3.28. Horizontal anchor in clay.
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W
a

A
The net ultimate holding capacity of the anchor is now equal to

self-weight of the anchor

area of the anchor plate

P, = A(cuNé+YH) = Pg-Wa (3.66)

The value of the breakout factor Né is difficult to determine theo-
retically, primarily due to the following reasons:

1. Due to the application of the uplifting load, premature

tensile cracks appear in clay near the anchor.

2. Negative pore water pressure (suction) may develop below

the anchor during the uplift, particularly in soft clays.
The magnitude of negative pore water is difficult to
determine.

For practical design considerations, it is safe to neglect the
resistance of the anchor to uplift derived from suction. Without
considering the suction, the breakout factor will increase with the
embedment ratio for shallow anchors up to a maximum value (Fig.

3.29). The embedment ratio at which the maximum value of Né is ob-

N! ‘P
¢ Maximum value

|
|
|
|
|
I
1
'
A

(H/E)Cr

H/B

Figure 3.29. Nature of variation of Né with #/B.

tained may be referred to as the critical embedment ratio, QH/B)CT.
For H/B>(H/B)cr’ at ultimate load local shear failure will occur
and, thus, the value of Né will remain constant (deep anchor condi-
tion).

Meyerhof (1973) has given the following relations for estima-
tion of Né.
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For shallow anchors:

0.6(#/B)<8 (for strip anchors) (3.67a)

=
O~
n

=
1§

1.2(#/B)<9 (for circular anchors) (3.67b)

For deep anchors:

Né = (¥ 8 (for strip anchors) (3.68a)

! =
c)max

Né = (N 9 (for circular anchors) (3.68b)

é)max=
From Eqs. (3.67a) and (3.67b), it can be seen that

(#/B)_, = 8/0.6

13.33 (for strip anchors) (3.69a)

and

9/1.2

(H/B)Cr 7.5 (for circular anchors) (3.69b)

Using the theory of expansion of cavities, Vesic (1971) has

given the following values of Né for shallow anchor conditions.,

N!
H/B Strip anchors Circular anchors
0 0 0
0.5 0.81 1.76
1 1.61 3.80
1.5 2.42 6.12
2.5 4.04 11.6
5.0 8.07 30.3

Das (1980) has compiled the existing experimental results for
the ultimate holding capacity of horizontal anchors and has pro-
posed the following step-by-step procedure to obtain Pt

1. The critical embedment ratio (H/B)Cr will vary with the

value of ey of the clay and also the length-to-width ratio
L/B of the anchor (L=length and B=width). For that reason,
first determine the value of e, Using the value of e,

obtain the critical embedment ratio of the anchor plate as

(H/E)cr(R) = (H/B)cr(s)[0'73+0'27(L/B)] (3.70)
where (H/B)Cr(R) = c¢ritical embedment ratio for a rectan-

gular anchor with dimensions of LxB

(H/B)Cr(s) = critical embedment ratio for a square
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anchor with dimensions of BxB

The experimentally determined empirical relation for

(H/B)cr(s) can be expressed as

(H/B)cr(s) = 0.107cu+2.557 (3.71)
The unit of e, in the above equation is in kN/mZ2.
For a given anchor, obtain the embedment ratio H/B.
3. Determine
Step 1
¥
o = _(#%)/_BL__ (3.72)
cr(R)
+
Step 2
4, 1If a'<l. the anchor is a shallow anchor. For this case,

refer to Fig. 3.30 and determine the value of the nondi-

dimensional parameter B' corresponding to o' determined

in Step 3. Note that
1.0 ///////,——___f
018 //
0.6 /]
g' /////
0.4 //
0.2 ///
0
0 0.2 0.4 0.6 0.8 1.0
(x'
Figure 3.30. Plot of B' [Eq. (3.73)]1 vs. o' [Eq. (3.72)].
N,
8! =1_,_L{—_N°R (3.73)
c(R) 'max

where Né(R) = breakout factor for rectangular anchor with

dimensions of LxB



[Né(R)]max
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= maximum value of the breakout factor for

rectangular anchor with dimensions of LxB

(deep anchor condition)

or
' =
(9! Ry pax = 7-56+1-44(8/L) (3.74)
Using the values of B' from Fig. 3.30 and [Né(R)]max from
. ' . . ) )
Eq. (3.74), obtain Nc(R)’ With this value of NC(R)’ ob

tain the net holding capacity of the anchor by using Eq.

(3.66).

5. If the value of a' as calculated by using Eq.

(3.72) (Step

3) is greater than one, it refers to a deep anchor condi-

tion. For this case

(v

W) = Wrylnax = 7-56%1.44(5/0)

Hence, combining Eqs. (3.66) and (3.75)

P, = BL{[7.56+1. 44(B/L)]cu+YH}

(3.75)

(3.76)

Example 3.7. A horizontal anchor has dimensions (LxB) of 2 ftx1

ft. The anchor is embedded in a clay having a cu=10 lb/in2 and y=
120 1b/ft3,. Given H=5 ft. Determine the net ultimate uplift capa-

city of the anchor. Use the procedure developed by Das (1980).

Solution

For the anchor, B/L=1/2=0.5. Given =10 1b/in?=69 kN/m2.

From Eq. (3.71)

(8/B) .y () = (0-107)(69)+2.5 = 9.8877
So

(H/B)cr(S) =7
Again, from Eq. (3.70)

(8/B) oy = (8/B) p(g)10.73+0.27(5/B)]

= 7[0.73+(0.27)(2)1 = 8.89
Using Eq. (3.72)

. _ _ (#/B _ (5/1) _
ol = Tﬁéﬁy;%fﬁ; = éngl = 0.562

Since a' is less than one, it is a shallow anchor.

to Fig. 3.30, for o'=0.562, g'=0.825, So

Now, referring
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Né(R) - B'[Né(R)]max = 0‘825[Né(R)]max

From Eq. (3.74)

[Né(R)]max = 7.56+1.44(B/L) = 7.56+1.44(0.5) = 8.28
Hence
! = =
NC(R) 0.825(8.28) 6.831

(1) (2)1(10)(6.831)+(120) (5)]

P, = BL[cuva'(R)wH]

= 2(68.31+600) = 1336.62 1b

3.7 UPLIFT CAPACITY OF HELICAL ANCHORS

Helical anchors are constructed of helical-shaped circular
steel plates welded to a steel shaft at given spacings. These an-
chors' (Fig. 1d) are driven into the ground by using truck-mounted
augering equipment. Multihelix anchors can develop up to about
100,000 1bs or more resistance to uplift. Figure 3.31 shows the
dimensions of a typical multihelix anchor.

11.5 in. —4

diameter

N T
A
3 ft
-

Shaft ———\\\\\‘ _*_

Area of cross
section=1.5 in?

o

Figure 3.31. Dimensions of a typical multihelix anchor.
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Helical Anchors in Sand
Figure 3.32 shows a helical anchor in sand. If the top helix
is located at a shallow depth (that is, Hl/Bl is relatively small),

Sand

e 539
Figure 3.32. Helical anchor in sand.

the failure surface in soil can be idealized as shown in Fig. 3.32
(Mitsch and Clemence, 1985). In this case, the failure surface
above the top helix is a truncated cone similar to that shown for
circular plate anchors in Fig. 3.24. The net ultimate uplift capa-
city (Po) for such a case can be given as (Mitsch and Clemence,
1985)

P = Pi+P, (3.77)

where Py = bearing resistance above the top helix

Py, = frictional resistance along the perimeter of the soil
cylinder between the top and bottom helix

The magnitude of Py can be expressed in the same form as Eq.

(3.60), or

P, = (Tr/4)y[Bl+H1tan(¢/2)]2Hl + ﬂyKﬁtan¢cosz(¢/2)

(3.78)

Blﬁr} Hitan(cb/Z)
7" 3
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where Kg = uplift coefficient

»
By = diameter of the top helix

"

effective unit weight of soil

Similarly
B1+53 s o
- - "

P, (m/2)y ——7——>(H3 Hl)Kutan¢ (3.79)
where By = diameter of the bottom helix

For shallow anchors, the uplift coefficient increases linearly
with Hl/B1 up to the critical embedment ratio (Hl/Bl)cr. For
Hy/By>(Hy/By) 1
Figure 3.33 shows the variation of Ka along with the limits of

the magnitude of Kg remains practically constant.

(Hl/Bl)cr as proposed by Mitsch and Clemence (1985).

i::::;:j 47°
450

pd
7
Kl ////
’ e £ —
A s
4,,——”;7'/340
7

T $=45°

0 2 4 6 8 10 11
H /By

Figure 3.33. Variation of Kg with Hl/Bl-—based on the results of
Mitsch and Clemence (1975).

For deep helical anchors, that is Hl/Bl>(Hl/Bl)cr’ the net
ultimate uplift capacity can be given as (Mitsch and Clemence,
1985)

P = P,+P,+P

o = P3tPyrPg (3.80)
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where-P3 = bearing resistance above the top helix
Py = frictional resistance along the perimeter of the soil
cylinder between the top and bottom helix
P. = frictional resistance along the perimeter of the anchor
shaft located above the top helix
The magnitude of P, can be obtained by substituting B for

r

n Ho3 1

Hy, and Ku(max) for ki in Eq. (3.78). The magnitudes of Hcr/Bl and
m ) . .

Ku(max) are given in Fig. 3.34, or

15 3.5

13 // 3.0

11 2.5

K"
u(max
o //7
. 9 / 2.0
3
S

K"

7 o 1.5
//
- - Hcr/Bl
5 7= 1.0
d
L
3 0.5
25 30 35 40 45 47

Soil friction angle ¢ (deg)

Figure 3,34, Variation of Hcr/Bl and X" for use as derived

from Fig. 3.33. u(max)

Py = (1T/4)Y[Bl+Hcrtan(¢/2)]2HCr + ﬂykg(max)tan¢cosz(¢/2)

[BlHér +ngtan(¢/2)]

> - (3.81)

Similarly
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B+By
Py = (r/2)y <—2—-> (H%-Hi)Kl’l’(max)tamb (3.82)
and
YHq
Pe = pHy —7—-Kg(max)tan¢ (3.83)

where p = perimeter of the cross section of the anchor shaft

In conducting large-scale field experiments, Mitsch and
Clemence (1985) have shown that the preceding relationships agree
well with the actual net uplifting load.

Helical Anchors in Clay (¢=0 concept)

Mooney, Adamczak, and Clemence (1985) have conducted several
laboratory and large-scale field tests for ultimate uplift capacity
of helical anchors in clay. Based on their results, they have rec-
ommended the following relationships for estimating the net ulti-
mate uplift capacity (Po) of helical anchors in clay (¢=0 concept)

(Fig. 3.32). For shallow anchors, that is Hl/Bl<(H1/B1)Cr
) By*Bg
= ’ -
Py (n/4)BlcuNC + T <——7—— cu(H3 Hl) (3.84)
(. ~ o Ny g
Bearing Adhesion in soil
resistance in interhelical
spaces

where Né = breakout factor

The author feels that the breakout factor Né can be conserva-
tively calculated by using Eq. (3.67b), or

Nl = 1.2(#,/B;)<9 (3.85)

If Eq. (3.85) is accepted for calculation purposes, then it is ob-

vious that the critical embedment ratio (Hl/B is 7.5. Thus,

l)cr
for deep anchors, this is Hl/Bl>7.5

B.+B
173
= 2 ' -
P (ﬂ/4)BlcuNC(max) +om <——7—f>cu(H3 Hl) + pHje, (3.86)
where p = perimeter of the anchor shaft
e, = adhesion

Mooney et al. (1985) have pointed out that the magnitude of e,
may vary from about O.Scu for very stiff clays to about 0.9cu for
soft clays.
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CHAPTER 4
Ultimate Bearing Capacity of
Shallow Foundations

4.1 INTRODUCTION

Spread footings and mat foundations are generally classified
as shallow foundations. These foundations distribute the loads
from the superstructures to the soil on which they are resting.
Failure of a shallow foundation may occur in two ways: (1) by
shear failure of the soil supporting the foundation, and (2) by
excessive settlement of the soil supporting the foundation. The
first type of failure is generally called bearing capacity failure.
The second type of failure may be due to excessive elastic or elas-
tic and consolidation settlement. The procedures for calculation
of elastic and consolidation settlements of a foundation can be
found in many books (see Das, 1983) and will not be discussed in
detail primarily due to lack of space. Instead, this chapter will
summarize a number of bearing capacity theories available in liter-

ature at the present time.

4.2 TYPES OF BEARING CAPACITY FAILURE

Figure 4.1la shows a shallow foundation of width B located at a
depth Dg and supported by a dense sand (or stiff clayey soil) ex-
tending to a great depth (relative to B). If this foundation is
subjected to a load @ and the load is gradually increased, the load
per unit area, q=Q/A‘(A=area of the foundation), will increase and
the foundation will undergo increasing settlement. When ¢ becomes
equal to q, at foundation settlement 5=5,» the soil supporting the
foundation will undergo sudden shear failure. The failure surface
in the socil is shown in Fig. 4.la along with the ¢ vs. § plot in
Fig. 4.1b. This type of failure is referred to as general shear
failure, and q, is called the ultimate bearing capacity. Note that
in this type of failure a peak value 9=q, is clearly noted.
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Figure 4,1. General shear failure in soil.

If the same foundation is now supported by a medium sand or
clayey soil (Fig. 4.2a), the plot of ¢ vs. § will be as shown in
Fig. 4.2b. Note that the magnitude of q increases with settlement
up to =9y (1) which is usually referred to as the first failure
load {(Vesic, 1963). At this time, the developed failure surface in
the soil will be as shown by the solid lines in Fig. 4.2a. However
if the load on the foundation is further increased, the load-
settlement curve proceeds in almost a linear manner (Fig. 4.2b)
along with the gradual progress of the failure surface in the soil
(shown by the broken lines in Fig., 4.,2a) under the foundation.

When ¢ becomes equal to 94 (ultimate bearing capacity), the failure
surface extends up to the ground surface. Beyond that, the plot of
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Figure 4.2. Local shear failure in soil.

q vs. S takes a linear shape and a peak load is never observed.
This type of bearing capacity failure is called local shear fail-
ure.

Figure 4.3a shows the same foundation located on a loose sand
or soft clayey soil. For this -case, the load-settlement curve will
be as shown in Fig. 4.3b. A peak value of load per unit area, g,
is-never observed. The ultimate bearing capacity q, is defined as
the point where AS/Aq becomes the largest and also practically con-
stant. This type of failure in soil is referred to as punching
shear failure. The failure surface never extends up to the ground
surface.

It needs to be pointed out that the nature of bearing capacity

failure insoil is not entirely dependent on the nature of compaction
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Figure 4.3. Punching shear failure in soil.

of the soil supporting the foundation. It also depends on the rel-
ative depth of the foundation, that is Df/B. As an example, Fig.
4.4 shows the nature of bearing capacity failure of eircular and
strip foundations on sand as functions of the relative density and
Df/B . Figure 4.5 shows the plots of the variation of 54 (that is,
settlement of the foundation at ultimate load) with the unit weight
of soil (and thus relative density) for circular and long rectangu-
lar foundations located on sand with Df=0 as obtained by Vesic
(1963) from laboratory model tests. It needs to be pointed out
that, in general, bearing capacity tests conducted with rectangular
foundations with length-to-width ratios (L/B) greater than about 5
to 6 will approximately represent a plane-strain condition (that

is, L/B==). Also, based on laboratory and field tests, following
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Figure 4.4, Variation of the nature of bearing capacity failure in
sand with relative density and Df/B (after Vesic, 1963).

is the approximate range of values of 5,

Soil Df/B Su/B (%)
Sand 0 5 to 12
Sand Large 25 to 28
Clay 0 4 to 8

Clay Large 15 to 20

4.3 TERZAGHI'S BEARING CAPACITY THEORY

Terzaghi (1943) proposed a well-conceived theory for determin-
ation of the ultimate bearing capacity of shallow rough rigid con-
tinuous (strip) foundations supported by a homogeneous soil layer
extending to a great depth. Terzaghi defined a shallow foundation
as a foundation for which the width of the foundation, B, is equal
to or less than its depth, Dg (Fig. 4.1a). The failure surface in
soil at ultimate load, 9, per unit area of the foundation, as
assumed by Terzaghi is shown in Fig. 4.6. Referring to Fig. 4.6,
the failure area in the soil under the foundation can be divided
into three major zones. They are:

1. Zone abe. This is a triangular elastic zone located im-

mediately below the bottom of the foundation. The inclination of
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Figure 4.5. Settlement at ultimate load for surface foundation on
sand (after Vesic, 1963).

of the sides ac and be of the wedge with the horizontal is a=¢
(soil friction angle).
2. Zones aed and bef. These zones are referred to as

Prandtl's radial shear zones.

3., Zones ade and bfg. These zones are the Rankine passive
pressure zones. The slip lines in these zones intersect the ground
surface at *(45-¢/2) with the horizontal.

The lines ed and ef are arcs of a log spiral defined by the

equation

o = roe(%tanqa .1

The lines ad, de, bf, and fg are straight lines. Lines de and fyg
actually extend up to the ground surface. Terzaghi assumed that
the soil located above the bottom of the foundation can be replaced

by a surcharge q=YDg.
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Figure 4.6. Failure surface in soil at ultimate load for a contin-
uous rough rigid foundation as assumed by Terzaghi (1943).

Figure 4.,7. The passive force on the face be of the wedge abe
shown in Fig. 4.6,

The shear strength s of the soil can be given by the equation
s = o’tan¢ +te (4.2)

where o' = effective normal stress and ¢ = cohesion
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The ultimate bearing capacity 9y of the foundation can easily
be determined if we consider the faces ae and be of the triangular
wedge abe and determine the passive force on each face required to
cause failure. Note that the passive force P_ will be due to the
surcharge (q=ny), cohesion (e¢), unit weight (y), and angle of
friction of the soil (¢). So referring to Fig. 4.7, the passive
force P_ on the face be per unit length of the foundation at right
angles to the cross section is

= P + P 4.3
Fp = Ppq T Fpe T Fpy (4.3)

where P = passive force contributions of ¢, e, and v,

’P 9P
pa’ pc’ Py .
respectively

It is important to note that the directions of qu, P and PpYare

pc’
vertical, since the face bc makes an angle ¢ with the horizontal,

and qu, Ppc, and P ¥ must make an angle ¢ to the normal drawn to

be. In order to obtain P and P we will use the method

P
pq’ " pc’ pY’
of superposition which will not be an exact solution.

Determination of qu (¢#0, v=0, g#0, ¢=0):

As in Section 1.14, consider the free body diagram of the soil
wedge befi as shown in Fig. 4.7 (also shown in Fig. 4.8a). For
this case the center of the log spiral, of which ef is an arc, will
be at point b. The forces per unit length of the wedge befd due to
the surcharge ¢ only are shown in Fig. 4.8a. They are:

1 P

pq

2 g--surcharge

Z. Pp(l)--the Rankine passive force

F--the frictional resisting force along the arc ef

Note that Pp(l) is the Rankine passive force, or

Po(1y T 4pHq = afgtan? (45+6/2) -4

The line of action of the frictional force 7 will pass through
point b which is the center of the log spiral (see Appendix B for
the properties of log spirals). Now, taking the moment about point
b

P - e &L v i (4.5)
pq- 2’ 7 2 p(1) T '

Let
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d
(b)
Figure 4.8. Determination of qu (y=0, c=0, ¢#0, ¢#0).
7 = r. = (B)secod (4.6)
0 2 :
From Eq. (4.1)
b = ry = roe(?'"/“—wz) tang (4.7)

So

b7 = rycos (45-4/2) (4.8)
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and

Hy = rysin(45-¢/2) (4.9)

Combining Eqs. (4.4), (4.5), (4.8), and (4.9)

quB qricosz(45~¢/2) qr%sinz(45—¢/2)tan2(45+¢/2)
= +
] 2 2

or

qu = %[qr%c052(45—¢/2)] (4.10)

Now combining Eqs. (4.6), (4.7), and (4.10)

L}

2(3n/u-¢/2)]

quec2¢[e [cos2(45-9/2)1

P
paq
2(3nfu-¢/2)tané
gBe

4cos2 (45+¢/2)

(4.11)

Now, referring to the stability of the elastic wedge abec under

the foundation as shown in Fig. 4.8Db

= 2p
qq(8¥1) pq

where aq = load per unit area on the foundation

or
2p 2(3n/u-¢/2)tang
g, = =23 = (g) [e ] = g 4.12)
q 5 2cos2 (45+¢/2) q
. N -
q

Determination of PpC (6#0, v=0, g=0, c#0):

Figure 4.9a shows the free body diagram for the wedge befJ
(also refer to Fig. 4.7). As in the case of P__, the center of the
arc of the log spiral will be located at point b. The forces on
the wedge which are due to cohesion ¢ are also shown in Fig. 4.9a,

and they are:

1. Passive force--P

2. ¢ = e(bexl).

3. Rankine passive force due to cohesion—-Pp(z) = Zc/?;Hd =
ZcHdtan(45+¢/2).

4, Cohesive force per unit area along arc ecf--ec.

pc’
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(b)

Figure 4.9, Determination of Ppc (y=0, c#0, ¢#0, ¢=0).

Now taking the moment of all the forces about point b

By . r sin(45-¢/2)
Fpe () Pp(Z)[———T——l ] * M

where M. = moment due to cchesion ¢ along arc ef
ry = bf

From Eq. (1.77)

(4.13)
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M = e (r2e12) (4.14)

] rlsin(45-¢/2)]
ppc(z) = [2eH tan(45+¢/2)] |~y

(Z?gﬁa)(ré—ri) (4.15)

The ‘relationships for Hd, 7o, and ry in terms of B and ¢ are
given in Eqs. (4.9), (4.6), and (4.7), respectively. Combining
Eqs. (4.6), (4.7), (4.9), and (4.15), and noting that sin?(45-¢/2)x
tan(45+¢/2)=cos¢/2

2(3nfu-9[2)tand
[e ](cos¢)

= 2
Ppc Be(sec?¢)

(3mfu-6/2)t
Tfu-¢/f ans 1] (4.16)

B
(ZT§H$)sec2¢[e
Now, let us consider the equilibrium of the soil wedge abe

(Fig. 4.9b)
C(B><l) = ZCsin¢-+2PpC
or

n

qCB chec¢51n¢+2PpC (4.17)

where 9. = load per unit area of the foundation

Combining Eqs. (4.16) and (4.17)

2(3mfu-¢/2) esec2¢ 2(3m/u-¢f2)tang
+ ——

9. = esecoe tane

2
- 222t crang (4.18)

or

2(37T/1+‘¢/2)tan¢ [SGCCP*'SeCZ(b]" C[SGC2¢_tan¢] (4.19)

9c = ¢ ¢ tan¢ tang

However

sec?¢ _ 1 1 -
Sec¢4_tan¢ ~ Coso ¥ Tos¢sing C0t¢(

1+Sln¢)
cos?¢

i

cot¢[—————j;——-—} (4.20)
2cos?2(45+¢/2)

Also
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sec?¢ tand = cotd(sec?2¢-tan?¢) = cot¢( 1. ilﬂii)

tang cos?¢ cos?2¢

= cot¢(£9§i$ = coté (4.21)

cos2¢

Substituting Eqs. (4.20) and (4.21) into Eq. (4.19)

2(3mfu-¢/2)tang
c e

q. = coty _ ccot¢
¢ 2cos?2(45+¢/2)

2(3nfu-¢/2)tand
= ccot¢[e - 4 = eN_ = ccoté(W_-1) (4.22)
2cos2 (45+¢/2) c a
~— g
NC

Determination of PpY (¢#0, v#0, g=0, e=0):

Figure 4.10a shows the free body diagram of the wedge befd.
Unlike the free body diagrams shown in Figs. 4.8 and 4.9, the
center of the log spiral of which bf is an arc is at a point 0
along the line bf and not at b. This is because the minimum value
of PPY has to be determined by means of several trials as done in
Section 1.14., The point 0 is only one trial center. Per unit
length of the wedge, the forces which need to be considered are:

Y’
2. The weight of the wedge befj--W.
3. The resultant of the frictional resisting force acting
along the arc ef--F.

4. The Rankine passive force--Pp(S).

The Rankine passive force Pp(S) can be given by the relation
Po(3) %yHétan2(45+¢/2) (4.23)

Also, note that the line of action of the force F will pass
through 0. Now, taking the moment about 0

P 7 = WL _+P 7
pY'p w "p(3)"R
or

1
Poy * Tg[wzw * Py 3y lg) (4.24)

If a number of trials of this type are made by changing the location
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P (3)

Hd/3

-LJL
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Figure 4.10. Determination of PpY ($#0, v#0, ¢=0, ¢=0).
of the center of the log spiral 0 along the line 2f, then the mini-

mum value of P can be determined.
Now, consider the stability of the wedge abe as shown in Fig.

4,10b. We can write that



220

= 2P __-W 4.25
TP pY W (4.23)
where q, = force per unit area of the foundation
Wy = weight of the wedge abe
However
B2
= 2= .26
W T tano (4 )
So
1 B2
= = -2 4.27
1, = 3 (ZPPY 1 tand)) ( )

The passive force PpY can be expressed in the form

= 1,32 = 1. Btang., B 2
th‘K Zy(v—7-J Kp FYB<tan ¢pr (4.28)

P
PY pY Y

where pr = passive earth pressure coefficient

Substituting Eq. (4.28) into Eq. (4.27)

7, = % (%TyBZtanzq;pr -g-z- tan¢) = LyB (%prtan% - ic-;—n—@)
—

~-

N
¥

= LyBN (4.29)

Ultimate Bearing Capacity

The ultimate lecad per unit area of the foundation (that is,
the ultimate bearing capacity qu) for a soil with cohesion and

friction can now be given as

A = dq *ac *a, (4.30)

Substituting the relationships of qq, des and q, as given by Eqs.
(4.12), (4.22), and (4.29) into Eq. (4.30) yields

qy = eN. + qu + %YBNY (4.31)
where V., Nq’ NY = bearing capacity factors
and
2(3n/4-¢/2) tang¢
no= £ (4.32)
4 2cos2(45+¢/2)
N = cot¢(Nq—1) (4.33)
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(4.34)

Table 4.1 gives the variations of the bearing capacity factors

with soil friction angle ¢ as
(4.34). These variations are
dations which are rectangular
condition in soil at ultimate

given by Eqs. (4.32), (4.33), and
also plotted in Fig. 4.11. For foun-
or circular in plan, a plane strain

load does not exist. For that reason

Terzaghi (1943) proposed the following relationships for square and

circular foundations.

9, = I.BCNC + qu + 0.4yBNY

(for square foundations having a plan of BxB) (4.35)

and

9y = 1.30NC + qu + 0.3vBN

¥

(for circular foundations having a diameter B) (4.36)

Table 4.1. Terzaghi's Bearing Capacity Factors

[Egqs. (4.32), (4.33), and (4.34)]
Soil
friction
angle ¢ NC Nq NY
(deg)
0 5.7 1.0 0
5 7.4 1.6 0.5
10 9.6 2.7 1.2
15 12.9 4.5 2.5
20 17.7 7.4 4.0
25 25.2 12,7 9.7
30 37.2 22.5 19.7
35 57.8 41.5 42.5
40 95.7 81.4 100.4
45 172.3 173.3 297.5

4.4 SOME OBSERVATIONS ON TERZAGHI'S BEARING CAPACITY THEORY

It is obvious from Section 4.3 that Terzaghi's bearing capa-

city theory has been obtained by assuming general shear failure in

soil. However for local shear failure in soil, Terzaghi (1943)

suggested the following relationships:

‘Strip foundation (B/L=0; L=length of foundation)

= Pyt L '
q, 'l o+ q’Né‘+ Y BN (4.37)

¥
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Figure 4,11, Terzaghi's bearing capacity factors—-Nc, Nq, and NY'

Square foundation (B=L)
= rat !
qy 1.3e Nc + qu + 0.4yB1VY (4.38)

Circular foundation (B=Diameter)

q, = 1.30’Né + qu + O.3yBN§ (4.39)
where ¥', ¥', and N' = modified bearing capacity factors
c’ g y g
e! = 2¢/3

The modified.bearing capacity factors can be obtained by sub-
stituting ¢’=tan-'(0.67tan¢) for ¢ in Eqs. (4.32), (4.33), and
(4.34). The variations of Né, N', and N§ with ¢ are shown in Table
4.2 and also in Fig. 4.12. Vesic (1973) has suggested that a
better form of obtaining ¢’ for estimating Né and N& for founda-
tions on sand would be as follows

¢’ = tan-1(ktang) (4.40)
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Table 4.1. Terzaghi's Bearing Capacity Factors
Né, Né, and !

¥
Soil
friction
1 y' N! N!
angle ¢ q q Y
(deg)
0 5.7 1.0 0
5 6.7 1.4 0.2
10 8 1.9 0.5
15 9.7 2.7 0.9
20 11.8 3.9 1.7
25 14.8 5.6 3.2
30 19.0 8.3 5.7
35 25.2 12.6 10.1
40 34.9 20.5 18.8
45 51.2 35.1 37.7
40
NI
c
p
pd
- = ,/
- 2
%>_ /
o ] v
= 7
g 1 a
/ //NI
1.0
pd
Z.
Z
////
0.2
5 10 15 20 25 30 35 40

Soil friction angle ¢ (deg)

Figure 4.12, Terzaghi's bearing capacity factors for local shear
failure——Né, Né, and N§‘
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k= 0.67 + D - 0.7SD§ (for 0<D <0.67) (4.41)
where b, = relative density

Since Terzaghi's founding work, many experimental studies have
been conducted for estimation of the ultimate bearing capacity of
shallow foundations. Based on these studies, it appears that
Terzaghi's assumption of the failure surface in soil at ultimate
load is essentially correct. However, the angle o that the sides
of the wedge ac and be (Fig. 4.6) make with the horizontal is
closer to 45+¢/2, and not ¢ as assumed by Terzaghi. In that case,
the nature of the soil failure surface would be as shown in Fig.
4.13,

In Section 4.3, the method of superposition has been used to

obtain the bearing capacity factors Nq’ N and NY' For derivation

C)
of Nc and ¥ _, the center of the arc of the log spiral ef is located

at the edge of the foundation. However, for derivation of NY’ it
is not so. In effect, two different failure surfaces are used in

deriving Eq. (4.31). However, it is on the safe side.

Unit weight=vy
Cohesion=c
Angle of friction=¢

Figure 4.13, Modified failure surface in soil supporting a shallow
foundation at ultimate load q, per unit area.

4.5 MEYERHOF'S BEARING CAPACITY THEORY

In 1951, Meyerhof published a bearing capacity theory which
can be applied to rough shallow and deep foundations. The failure
surface at ultimate load under a continucus foundation as assumed
by Meyerhof (1951) is shown in Fig. 4.14a and b. 1In this figure,
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Figure 4.14. Slip line fields for rough strip foundations.
abe is the elastic triangular wedge shown in Fig. 4.13, bed is the
radial shear zone with e¢d being an arc of a log spiral, and bdef is

a mixed shear zone in which the shear varies between the limits of
radial and plane shear depending on the depth and roughness of the

foundation. The plane be is referred to as an equivalent free

The normal and shear stresses on the plane be are Po and

surface.
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G respectively. The superposition method is used to determine
the contribution of cohesion {e), Pos and vy and ¢ on the ultimate
bearing capacity (qu) of the continuous foundation and can be ex-

pressed as

= L
9y = cNC + poNq + 2YBIVY (4.42)
where V., Nq’ NY = bearing capacity factors
B = width of the foundation

Derivations for ¥. and Nq (¢#0, v=0, pO#O, e#0):

For this case, the center of the log spiral [Eq. (4.1)] arc
ed is taken at b. Also, it is assumed that along be

s = m(e + potan¢) (4.43)

cohesion

=
=
o
=
o
o

i

¢ = soil friction angle
m = degree of mobilization of shear strength (0<m<l)

Now, consider the linear zone bde (Fig. 4.15a). Plastic equi-
librium requires that the shearing strength 54 under the normal
pressure p, is fully mobilized, or

g = ¢ +p1tan¢ (4.44)

Figure 4.15b shows the Mohr's circle representing the stress
conditions on the zone bde. Note that P is the pole. The traces
of planes bd and be are also shown in this figure. For the Mohr's

circle
51
R = 553 (4.45)

where R = radius of the Mohr's circle

Also

slcos(2n+¢)

o Rcos{2n+¢) = —Tr (4.46)

Combining Eqs. (4.43), (4.44), and (4.46)

[0}
[t}

socos¢ m(c+potan¢)cos¢

cos(Zn+¢) = c+p1tan$ - c+p1tan¢

(4.47)

Again, referring to the trace of the de plane (Fig. 4.15c)

81 = Rcos¢



Linear zone bde

»
-

Shear
stress

s=c+ptand

n

NorE: Radius of Mohr's
circle=R
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Figure 4.15. Determination of Nq and v..

c+p1tan¢
R = e
cosd
Note that

py * Bsing = p, + Rsin(2n+¢)
py = Rl(sin(2n+¢)~sing] +po

c+p1tan¢

= ——53;$——[sin(2n+¢)-sin¢] *Po

SN Trace of
be plane

4
Normal
stress

Trace of
== bd plane
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(4.48)

(4.49)
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g=ct+ptan¢
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Note: Radius of Mohr's

circle=R Trace of

de plane

(c)

Figure 4,15, (Continued).
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Figure 4.15. (Continued).

Figure 4.15d shows the free body diagram of the zone bed.
Note that the normal and shear stresses on the face bec are pé and

s', or

+p'tan
ctp ¢
or

pI; = (sI;—c)cotdv (4.50)

Taking the moment about b
r2 P2
1 0
pl(’r) '%(T) *M. =0 (4.51)

where ry = e

ry = bd = roeetan¢ (4.52)

As in Eq. (1.77)

M, = ﬁm(ri_rg) (4.53)
Substitution of Egqs. (4.52) and (4.53) into Eq. (4.51) yields
pﬂ = plezetan¢ + ccot¢(ezetan¢-l) (4.54)
Combining Egs. (4.50) and (4.54)
26tang¢
sﬁ = (c+p1tan¢)e (4.55)

Figure 4.15e shows the free body diagram of the wedge abe.
Resolving the forces in the vertical direction
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201 [ crsrhbmsray) o5 (45+6/2) + 26| soeibmgraysin(45+0/2)
= q’B
where ¢' = load per unit area of the foundation
or
péB + séBtan(45+¢/2) =q'B
So
q' = pé+sécot(45-¢/2) (4.56)

Substitution of Eqs. (4.49), (4.50), and (4.55) into Eq.
(4.56), and further simplification yields

. 26tang . 2p0tang
1= o{cotd (l+sing)e 1y . (1+sing)e
4 (1-s1n¢)sin(Zn+¢) Po (T-sin¢)sin(Z2n+9)
N—— — \-———V——-—/
v, Nq
= em_ + poh (4.57)
where Nc’ Nq = bearing capacity factors

The bearing capacity factors will depend on the degree of mobili-
zation of shear strength on the equivalent free surface m. This
is because m controls n. From Eq. (4.47)

m(c+potan¢)cos¢

cos(2n+¢) = ctpytang

For m=0, cos(2n+¢)=0, or

n o= 45 -¢/2 (4.58)
For m=1, cos(2n+¢)=cos¢, or

n=20 (4.59)

Also, the factors v and ¥ are influenced by the angle of inclina-
tion of the equivalent free surface B. From the geometry of Fig.
4.14a

6 =135°+B-n-¢/2 (4.60)

From Eq. (4.58), for m=0, the value of n is (45-¢/2). So

6 =90 +8 (for m=0) (4.61)
Similarly, for m=1, since n=0 [Eq. (4.59)]

B = 135°+8-¢/2 (for m=1) (4.62)
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Figures 4.16 and 4.17 shows the variation of v and Nq with ¢, B8,
and m. It is of interest to note that if we consider the surface
foundation condition (as done in Figs. 4.8 and 4.9 for Terzaghi's

bearing capacity equation derivation), then g=0 and m=0. So, from

Eq. (4.61)

I ]
] |
m=0
m=] = -
B
10,000 ,4+90°
v
//
7/
‘// 60°
/ +
7/ 7
AW/
v V4
/
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2L .7/ 7/
///// Ro4
. ,,’ W7 v
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Z . /] /
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4 ,’ // /////
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4;4'/<,/ 4// d *’;>/,
S O 7~ e v o
//d//’ i /'— /’/-q)
/////// A -7
»/ 94~ - //’ PEs 7~
10 %%4 ,‘.4?/
e ]
e
.
e
1
0 10 20 30 40 50

Soil friction angle ¢ (deg)

Figure 4.16. Meyerhof's bearing capacity factor--variation of W,

with B, ¢, and m [Eq. (4,57)1.
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Figure 4.17. Meyerhof's bearing capacity factor--variation of m
with B, ¢, and m [Eq. (4.57)]. 4

m
=3

Hence for m=0, n=45+¢/2, and 6=¢/2, the expressions for . and Nq

(4.63)

are as follows (surface foundation condition)

_ ntang fl+sin
Ny = e (529 (4.64)

and
N, = (Nq—l)cot¢ (4.65)
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Equations (4.64) and (4.65) are exactly the same as those
derived by Reissner (1924) for Nq and Prandtl (1921) for v.. For
this condition, pgo=vDg=q. So, Eq. (4.57) becomes

q' = cNC + ql

4 4
Eq. (4.65) Eq. (4.64)

q (4.66)

Determination of IVY (¢#0, Y#0, po=0, e=0):

The determination of ¥_ is done by trial and error as in the
case of the derivation of Terzaghi's bearing capacity factor NY

(Section 4.4). Following is a step-by-step approach with reference
to Fig. 4.18a.

1. Choose a value for ¢ and a value for the angle B (such as
+30°, +40°, -30°).

N\,/”~—//J y

Figure 4.18. Determination of ¥
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(b)

Figure 4.18. (Continued).

2, Choose a value for m (that is, m=0 or m=1),

3. Determine the value of 6 from Eq. (4.61) or (4.62) for
m=0 or m=1, as the case may be.

4, With known values of 6 and B, draw lines bd and be.

5. Select a trial center such as 0 and draw an arc of a log
spiral connecting points ¢ and 4. The log spiral follows the equa-
tion
r = Poeetan¢

6. Join points d and e¢. Note that lines bd and be make an
angle of 90-¢ due to the restrictions on slip lines in the linear
zone bde. Hence the trial failure surface is not, in general, con-
tinuous at .

7. Consider the trial wedge bedf. Determine the following
forces per unit length of the wedge at right angles to the cross
section shown.

a. Weight of the wedge bedf--W.

b. Rankine passive force on the face df"Pp(R)' This
can be determined by using the procedure outlined in
Section 1.12 for obtaining the passive pressure with
inclined granular backfill.

8. Take the moment of the forces about the trial center of
the log spiral 0, or

Wi
pY

w+Pp(R)ZR
P

(4.67)
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where PpY = passive force due to y and ¢ only

Note: that the line of action of P ¥ acting on the face be is lo-
cated at two-thirds of the distance from .

9. For given values of B, ¢, and m, repeat Steps 5 through
8 to obtain the minimum value of P Y by changing the location of
point ¢ (that is, the center of the log spiral).

10. Refer to Fig. 4.18b. Resolve the forces acting on the

triangular wedge &be in the vertical direction, or

4P sin(45+¢/2)
q" = %ﬁ EY -%tan(45+¢/2)]= +YBH (4.68)
YB2 Y
where N_ = bearing capacity factor
q" = force per unit area of the foundation

Note that W is the weight of the wedge abe in Fig. 4.18b.

The variation of IVY (as determined in the above-mentioned man-
ner) with B, ¢, and m is given in Fig. 4.19.

Now, combining Egs. (4.57) and (4.68), the ultimate bearing
capacity of a continuous foundation (for the conditions e#0, v#0,
and ¢#0) can be given as

= ’ "o ,l..
9, = 9'%q ell . pONq * 3YBN,
The above equation is the same as given in Eq. (4.42). In a simi-
lar manner, for surface foundation condition (that is, B=0 and m=0)

the ultimate bearing capacity of a continuous foundation can be
given as

9y = q' + q"
4 4

Eq. (4.66) Eq. (4.68)

- 1
= el + ql + =YBN

4 4

q (4.69)

Eq. (4.65) Eq. (4.64)

For shallow foundation design consideration, the ultimate bearing
capacity relationship given by Eq. (4.69) is presently used. The
variation of NY for surface foundation condition (that is, £=0 and

m=0) as given in Fig. 4.19 can be approximated as (Meyerhof, 1963)
NY = (Nq-l)tan(1.4¢) (4.70)
T

Eq. (4.64)
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Figure 4.19. Meyerhof's bearing capacity factor--variation of ¥y
with B8, ¢, and m [Eq. (4.68)].

Table 4.3 gives the variation of v and ¥ as obtained from
Egs. (4.64) and (4.65). The variation of NY as obtained from Eq.
(4.70) is plotted in Fig. 4.20.
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Table 4.3. Variation of NC and Nq
[Eqs. (4.64) and (4.65)]

Soil
friction
angle ¢ IVC Nq
(deg)
0 5.14 1.0
2 5.63 1.2
4 6.19 1.43
6 6.81 1.72
8 7.53 2.06
10 8.35 2.47
12 9.3 2.97
14 10.4 3.6
16 11.6 4.3
18 13.1 5.3
20 14.8 6.4
22 16.9 7.8
24 19.3 9.6
26 22.3 11.9
28 25.8 14.72
390 30.1 18.4
32 35.5 23.2
34 42.2 29.5
36 50.6 37.8
38 61.4 48.9
40 75.3 64.2
42 93,7 85.4
44 118.4 115.3
46 152.1 158.5
48 199.3 222.3
50 266.9 319.1

4.6 GENERAL BEARING CAPACITY EQUATION

The relationships for estimation of the ultimate bearing capa-
city presented in Sections 4.3 and 4.5 are for continuous (strip)
foundations. They do not give the following:

1. The relationships for the ultimate bearing capacity of
rectangular foundations (B=width; L=length)

2. The effect of load inclination y with respect to the ver-
tical (Fig. 4.21)

3. The effect of the increase of 7, due to the increase of
the foundation depth D¢

For these reasons, a general relationship can be written in the
form

1
quqsxqiqu +7YBNY>\YS>\Yi>\Yd (4.71)
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ci’"qi’ i
Acd’qu’kyd
Most of the shape,

A A
cs’ gs’ Ys

1]

shape factors
= inclination factors
= depth factors
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inclination, and depth factors available in the

literature are now empirical and/or semiempirical. The factors are
listed in Table 4.4.

Table 4.4,

Summary of Shape,

Inclination, and Depth Factors

Factor

Relationship

Reference

Shape

For ¢=0°:

Acs=1+0‘2(%)

A =1
qs
Ao =1
vs

For ¢210°:

ACS=1+O.2(§)tan2(45+¢/2)

- - B 2
Aqs~>\YS—1+0.l(f>tan (45+4/2)

Meyerhof (1963)

resrt (72) (B

[Note: Use Eq. (4.65) for N
and Eq. (4.64) for Nq as given
in Table 4.3]

_ B
Aqs—1+(f tang

DeBeer (1970)

Inclination

Meyerhof (1963)

0.59. sinp 5
A L= {1- u
qi Qucos@+BLccot¢

1-A .
_ i
Aciuxqi '(ﬁ;f%_>
4

Table 4.3

Hansen (1970)
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Table 4.4, (Continued).

Factor Relationship Reference

0.7@,siny 5
Ayi=1_ <Qucosw+BLccot¢)

Qu=u1timate load on foundation
= (8xL)

Depth For ¢=0: Meyerhof (1963)

Acd=1+0.2<;£)

A 1

Aqd= yd~

For ¢>10°:

Dg
A =1+0.2(§— tan(45+¢/2)

cd

A=A .=1+40 1(Df)ta (45+¢/2)
qd “yd sH\p)tan

For Df/Bgl: Hansen (1970)
D

_ f

-1+0.4(55)

D
Aqd=1+0.2tan¢(1—sin¢)2(§£)

Acd

Ayd=1

For Df/B>1:

Acd=1+0.4tan‘1<g£>

b
- . N2 -1
Aqd 1+0.2tan¢ (1l-singj?tan (§—>

Aydzl

D
[Note: tan‘l(§£> is in radians]

Rao and Krisnamurthy (1972) have used Sokolovski's method of
characteristics (1965) to determine theoretically the variation of
AciNc’ AqiNq’ and AYiNY’ and these are given in Fig. 4.22. These
values, although somewhat lower, agree better with Meyerhof's

values of A _.W A LN

cifer Aqillg and AY.N than with those of Hansen,

1y
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Figure 4,22. Variation of AciNc’ A iV and A i obtained from
the method of characteristics (after Rao and Krisnamurthy, 1972).

4.7 OTHER SOLUTIONS FOR BEARING CAPACITY FACTORS

At this time, the general trend among geotechnical engineers
is to accept the method of supposition as a proper means to esti-
mate the ultimate bearing capacity of shallow rough foundations.
For rough continuous foundations, the nature of failure surface in
soil as shown in Fig. 4.13 has also found acceptance, and so have
Prandtl's {1921) and Reissner's (1924) solutions for y. and Nq,
which are the same as Meyerhof's solution (1951) for surface foun-

dations, or

. _mtan¢/l+sing
Nq e (m) (4.64)
and
NC = (Nq-l)cot¢ (4.65)
There has, however, been considerable controversy over the
theoretical values of ¥_. Hansen (1970) has proposed an approxi-

mate relationship for NY in the form

= 2
NY 1.5NCtan ¢ (4.72)

In the preceding equation, the relationship for v is that given by
Prandtl's solution [Eq. (4.65)]. Caquot and Kerisel (1953) assumed
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that the elastic triangular soil wedge under a rough continuous
foundation to be of the shape shown in Fig, 4.13. Using integra-
tion of Boussinesq's differential equation, they presented numeri-
cal values of NY for various soil friction angles ¢. Vesic (1973)
has approximated their solution in the form

IVY = 2(Nq+1)tan¢ (4.73)

where Nq is given by Eq. (4.64) (Table 4.3).

Equation (4.73) has an error not exceeding 5% for 20°<¢<40° as
compared to the exact solution. Lundgren and Mortensen (1953) have
developed numerical methods, by means of the theory of plasticity,
for exact determination of rupture lines as well as the bearing ca-
pacity factor (NY) for particular cases. Figure 4,23 shows the
nature of the rupture lines for this type of solution. Other solu-
tions of ¥_ generally referred to in literature are those of Balla
(1962) and Chen (1975).

45+¢/2 45+9/2
y
~. Pl LN ~
A a5-9/2 S0 2 AN 745972\
R \\\ \\\ ;\ --;’._L/ RN
P Ara ;o <
\\7/_-_:—" "\J\ \\—"/ q=O
/ : == \\ e=0
/
¢#0
Y#0

Figure 4,23, Nature of rupture lines in soil under a continuous
foundation--plasticity solution for determination of Ny.

The solution of Chen (1975) was done by using the upper bound
limit analysis theorem as suggested by Drucker and Prager (1952).
A comparison of N_ as obtained by Terzaghi (1943), Meyerhof (1951,
1963), Caquot and Kerisel (1953) and approximated by Vesic (1973),
Hansen (1970), and Lundgren and Mortensen (1953) are tabulated in
Table-4.5. Figure 4.24 also shows a graphical comparison for these
solutions. Meyerhof's and Hansen's theories are widely adopted in
Canada and Europe. Vesic (1973) has recommended that Eq. (4.73)
best fits the experimental results, and hence it should be used.

The primary reason for the development of several theories for
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Table 4.5. A Comparison of NY Values

Soil Lundgren and
friction Terzaghi Meyerhotf Hansen Vesic. Mortensen
angle ¢ (1943) Eq.(4.70) Eq.(4.72) Eq.(4.73) (1953)

(deg)

0 0 0 0 0 0
5 0.5 0.1 0.1 0.45 0.17
10 1.2 0.4 0.4 1.22 0.46
15 2.5 1.1 1.2 2.65 1.4
25 9.7 6.8 6.9 10.88 6.92
30 19.7 15.7 15.1 22.4 15.32
35 42.4 37.1 33.9 48.03 35.19
40 100.4 93.7 79.5 109.41 86.46
45 297.5 262.7 200.8 271.76 215
200 .
100
N
¥
10
5
22.5 25 30 35 40
Soil friction angle ¢ (deg)
Figure 4.24. Comparison of bearing capacity factor ¥ . [Note:

Curve 1--Balla (1962), Curve 2--Chen (1975), Curve 3--Vesic (1973),
Curve 4--Terzaghi (1943), Curve 5--Meyerhof (1963), Curve 6--
Lundgren and Mortensen (1953), Curve 7--Hansen (1970).]
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NY and their lack of proper correlation with the experimental val-
ues lies in the difficulty in selecting a representative value of
the soil friction angle ¢ for bearing capacity computation. The
parameter ¢ depends on many factors such as intermediate principal
stress condition, friction angle anisotropy (Section 4.9), and
curvature of the Mohr-Coulomb failure envelope.

Ingra and Baecher (1983) have compared the theoretical solu-
tions of ¥_ with the experimental results obtained by several in-
vestigators for foundations with B/L=1 and 6 (B=width and L=length
of the foundation), and their results are shown in Fig. 4.25a and
b. Note that when triazial friction angles are used to deduce ex-
perimental NY’ the values of ZVY are substantially higher than those
obtained theoretically. The regression lines shown in Fig. 4.25a
and b represent the expected values of NY' The expected values of

variances can be given as

E(NY)L/B=l = exp(-2.064+0.173¢t) (4.74)

V(NY)L/B=1 = (0.0902)exp(-4.128+0.346¢ ) (4.75)

E(NY)L/B=6 = exp(-1.646+0.173¢t) (4.76)

V(NY)L/B=6 = (0.0429)exp(-3.292+0.345¢,) (4.77)
where b, = triaxial friction angle

It had been suggested in the past to use the plane strain soil
friction angle (¢p) instead of ¢t for bearing capacity estimation
(for example, Hansen, 1970). To that effect, Vesic (1973) raised
the issue that this type of assumption may help explain the differ-
ences between the theoretical and experimental results for long
rectangular foundations. However, it does not help in the inter-
pretation of results of tests with square or circular foundations.
Ko and Davidson (1973) have also concluded that "when plane strain
angles of internal friction are used in commonly accepted bearing
capacity formulas, the bearing capacity for rough footings can be
seriously overestimated for dense sands." To avoid the controversy
Meyerhof (1963) has suggested the following

¢ = [1.1-0.1(§)]¢t (4.78)

The problem of bearing capacity estimation becomes more com-
plicated if the scale effect is taken into consideration. The

scale effect, which has come into the limelight in more recent
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Triaxial soil friction angle ¢t (deg)
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(b) L/B=6 — T =
400 }— Range of —_ =
experimental - >
values o~

200 -2 \
Bq. (4.76) - : ’

N = - 4
Y100 - ~ " -
60 | e Sl [> 4
-~ = - Range of
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— -
40 - - =~ > values
\‘
=~ ] | | ] ] 1

20
28 30 32 34 36 38 40 42 44
Triaxial soil friction angle ¢t (deg)

Figure 4.25. Variation of v, with triaxial friction angle--compar-

ison of theoretical and experimental values for tests in sand
(after Ingra-and Baecher, 1983).
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years, shows that the ultimate bearing capacity decreases with the
increase of the size of the foundation (DeBeer, 1965). Figure 4.26
shows the nature of decrease of IVY values with the width of the
foundation B, which can be attributed primarily to the following

reasons:

1. For larger size foundations, the rupture along the slip
lines in soil is progressive, and the average shear strength mobi-
lized (and so ¢) along a slip line decreases with the increase of
B.

2. The existence of zones of weakness in the soil under the
foundation.

3. The curvature of the Mohr-Coulomb envelope,

¢=Constant

»
B

Figure 4,26, Scale effect--nature of variation of NY with B.

Example 4.1. A shallow foundation had a width of 0.6 m anda length
of 1.2 m. Given Df=0.6 m. The soil supporting the foundation has
the following parameters: ¢=25°, ¢=48 kN/m?, and y=18 kN/m3,
Determine the allowable vertical load that the foundation can carry
by using
a. Prandtl's value of . [Eq. (4.65)1, Reissner's value of
Nq [Eq. (4.64)], Vesic's value of NY[Eq. (4.73) , and the
shape and depth factors proposed by DeBeer and Hansen,
respectively, (Table 4.4)
b. Meyerhof's values of v, Nq, and NY {Eqs. (4.65), (4.64)
and (4.70)] and the shape and depth factors proposed by
Meyerhof (1963) as given in Table 4.4.
Use a factor of safety of 3 over the u;timate bearing capacity.

Y
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Solution

From Eq. (4.71), for vertical loading condition

= 1
q, = ¥ A LA + quAquqd + ENBNYAYSAYd

{(Note: Aci=xqi=
Part a. From Table 4.3, for ¢=25°, NC=20.72 and Nq=10.66. Also,
from Table 4.5, for ¢=25°, Vesic's value of NY=10.88.

DeBeer's shape factors are as follows:

o (XD - B
C

>
1l

Ags © 1+ (%) tang = 1 () tan2s = 1.233
. B, _ 0.6, _
Mg = 1-0.4(3) = 1-(0.4) (T3p) = 0.8

Hansen's depth factors are as follows:

A

D
" 1+(0.4)(§£) = 1400 (FD - 1.4

A

D
1+0.2tan¢(1—sin¢)2(§£)

qd
- 1+(0.2) (tan25) (1-sin25) 2 (=g) = 1.031
hya = 1
So
g, = (48)(20.72)(1.257)(1.4) + (0.6)(18) (10.66) (1.253) (1.051)

+ (1) (18) (0.6 (10.88)(0.8) (1)

1750.2 + 146.35 + 47 = 1943.55 kN/m?

Total allowable load =

(q,) (BL) _ (1943.55)(0.6)(1.2)
3

Factor of safety, ¢ = 466 kN

S

Part b. From Table 4.3, NC=20.72 and Nq=10.66. From Table 4.5,
Meyerhof's value of ~, for ¢=25° is 6.8. Now, referring to Table
4.4, Meyerhof's shape and depth factors are as follows:

Aes = 1+o.2(§)tan2(45+¢/2)
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= 1+(0.2) (3 tan? (45+25/2) = 1.246

= = B 2
hgs = Mys = 110.1(P)tan? (45+4/2)

= 1+(0.1) (F5)tan2 (45+25/2) = 1.123

AL = 140 z(£f)tan(45+¢/2) = 1+00.2) (X8 tan(45+25/2) = 1.314
cd *“\F : 0.6 :

- - Dg
Pad = Mya " l+0.1(E—>tan(45+¢/2)

= 1+(o.1)(%§g)tan(4s+25/2) = 1.157
So

(48)(20.72)(1.246)(1.314) + (0.6)(18) (10.66)(1.123)

Q
=}
[}

(1.157) + (3)(18)(0.6)(6.8) (1.123)(1.157)
1628.3 + 149.6 + 47.7 = 1825.6 kN/m2

Total allowable load =

(ay) (B2 (1825.6)(0.6) (1.2)
3

F
S

= 438 kN

4.8 EFFECT OF WATER TABLE

In the discussion presented in the preceding sections, it has
been assumed that the water table is located below the failure sur-
face in the soil supporting the foundation. However, if the water
table is present close to the foundation, the terms g and v in Egs.
(4.31), (4.35), (4.36), (4.37) to (4.39), Eq. (4.69) and Eq. (4.71)
need to be modified. This can be explained with reference to Fig.
4.27, in which the water table is located at a depth d from the
ground surface.

For d=0, the term q=YDg¢ should be changed to q=y’Df, and vy
should be change to y’' (where y'=effective unit weight of soil).
For 0<d5Df, q should be equal to Yd+y’(Df—d), and vy should be

changed to y’. Again, if Dgsd<B, q=YDg, and the term y should be
replaced by an average unit weight ¥, or
d-D
- £
Vo= () o-vn) (4.79)

For d>Df+B, g 1s equal to YD and vy is equal to y. This implies
that the ground water table has no effect on the ultimate capacity,
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Unit’ s T
weight=y

S

_ _W_ Water table
Effective
\\i\:Q unit weight=vy’

—

Figure 4.27., Effect of ground water table on the ultimate bearing
capacity of shallow foundations.

4.9 BEARING CAPACITY OF FOUNDATIONS ON ANISOTROPIC SOIL
EXTENDING TO A GREAT DEPTH

Foundations on Sand (e=0)

Most natural deposits of cohesionless soil have an inherent
anisotropic structure due to their nature of deposition in horizon-
tal layers. Initial deposition of the granular soil, and subse-
quent compaction in the vertical direction, causes the soil parti-
cles to take a preferred orientation. For a granular soil of this
type, if the direction of application of deviator stress makes an
angle ¢ with the direction of deposition of soil (Fig. 4.28a), then
the friction angle will be ¢. The soil friction angle ¢ can be ap-

proximated in a form (Meyerhof, 1978)
o = ¢1-(91-9,) (Gg=) (4.80)

where ¢1 = soil friction angle with 7=0°

¢2 = soil friction angle wiht 7=90°

Figure 4.28b shows a continuous (strip) rough foundation on an
isotropic sand deposit. The slip lines in the soil at ultimate
load are also shown in the figure. In the triangular zone (Zone 1)
the soil friction angle will be $=¢7. However, the magnitude of ¢
will vary between the limits of ¢1 and ¢2 in Zone 2., In Zone 3,
the effective friction angle of the soil will be equal to ¢2.
Meyerhof (1978) has suggested that the ultimate bearing capacity of
a continuous foundation on an anisotropic sand can be calculated by
assuming an equivalent friction angle ¢=¢eq, or
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Unit weight=vy

Direction of
deposition

Major principal
stress direction

(a)

Foundation width=58

(b)

Figure 4.28. Continuous rough foundation on anisotropic sand
deposit,

(20,+9,)  (2+m)o;

beq T T3 -3 (4.81)

¢
where m = friction ratio = 2 (4.82)
1

Once the equivalent friction angle is determined, the ultimate
bearing capacity for vertical loading condition on the foundation
can be expressed as (neglecting the depth factors)

+ SYBN (4.83)

= gn A A
9u ~ q(eq)"qs y(eq) vs

where Nq(eq) and NY(eq) = equivalent bearing capacity factors cor-

responding to the friction angle ¢=¢eq
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In most cases, the value of ¢1 will be known. Figure 4.29

and ¥
q(eq) Y (eq) ]
that the soil friction angle ¢=¢eq has been used in Eqs. (4.64) and

presents the plots of W in terms of m and ¢1. Note
(4.73) for preparation of the graph. So, combining the relation-
ships for shape factors (Table 4.4) given by DeBeer (1970)

B 1 B
2y = qmq(eq)[1+(f)tan¢eq] " EyBNY(eq)[l—0.4(fJ] (4.84)

Foundations on Saturated Clay (¢=0 concept)

As in the case of sand discussed in the preceding section,
saturated clay deposits also exhibit anisotropic undrained shear
strength properties. Figure 4.30a and b shows the nature of vari-
ation of the undrained shear strength of clays with respect to the
direction of principal stress application (Davis and Christian,
1971). Note that the undrained shear strength plot shown in Fig.
4,.30b is ellipitcal. However, the center of the ellipse does not
match the origin., The geometry of the ellipse leads to the equa-
tion
_ Cu(i=45°) (4.85)

eu(1=0°)u(£=90°)

Qo

A continuous foundation on a saturated clay layer (¢=0) whose
directional strength variation follows Eq. (4.85) is shown in Fig.
4,30c. The failure surface in the soil at ultimate load is also
shown in this figure. Note that in Zone I, the major principal
stress direction is vertical. The direction of the major principal
stress is horizontal in Zone III; however, it gradually changes
from vertical to horizontal in Zone II. Using the stress charac-
teristic solution, Davis and Christian (1971) have determined the
bearing capacity factor Nc(i) for the foundation. Or for a surface
foundation

<] ._noste . °
0, - Nc(i)[ u(£=0 )2 u(4=90 )] (4.56)

The variation of Nc(i) with the ratio of a/b (Fig. 4.30b) is shown
in Fig. 4.31. Note that when a=b, Nc(i) becomes equal to NC=5.14
[isotropic case--Eq. (4.65)1].

In many practical conditions, the magnitude of cu(i=0°) and

R If
u(i=45°)"
such is the case, the magnitude of a/b [Eq. (4.85)] cannot be

cu(i=90°) may be known, but not the magnitude of ¢
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......

Minor Lz Major
principal principal
stress stress
Saturated
clay
(a)

v

Saturated clay
Unit weight=vy
$=0

Width of foundation=B

(c)

Bearing capacity of foundations on anisotropic

Figure 4,30,
saturated clay.
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Te (i) ’,//””

0 0.2 0.4 0.6 0.8 1.0 1.2
a/b

Figure 4.31. Variation of Vi with a/b--Eq. (4.86) (redrawn
after Davis and Christian, 19;13.

determined. For such conditions, the following approximate equa-

tion may be used.

. c . _noyteC T o
g, = 0.9 W, [ u(i=07) u(i=99 )] (4.87)
1\
=5.14
[Eq.(4.65)]

The preceding equation, which has been suggested by Davis and
Christian (1971), is based on the undrained shear strength results
of several clays. So, in general, for a rectangular foundation

with vertical loading condition

(4.88)

e - +c .
u(i=0°) "u(i=90°)
[ 2 Acskcd toal

T = Vo) qa*qs*qd
For ¢=0 condition
N_=1

YDf

Q
L}

So
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c . +c .
_ u(i=0°) “u(i=90°)
Ay ~ Nc(i)[ Z Aeshea * YDf)‘qs>‘qd (4.89)

The desired relationships for the shape and depth factors can be
taken from Table 4.4 and the magnitude of q, can be estimated.

Foundations on e-¢ Soil

The ultimate bearing capacity of shallow continuous founda-
tions supported by anisotropic e-¢ soil has been studied by Reddy
and Srinivasan (1970) by using the method of characteristics. Ac-
cording to this analysis, it is assumed that the shear strength of

a soil can be given as
g = g'tan¢ +c

However, it is assumed that the soil is anisotropic only with re-
spect to cohesion. As mentioned previously in this section, the
direction of the major principal stress (with respect to the verti-
cal) along a slip surface in soil located below the foundation
changes. In anisotropic soils, this will induce a change in the
shearing resistance to the bearing capacity failure of the founda-
tion. Reddy and Srinivasan (1970) assumed the directional varia-
tion of e at a given depth z below the foundation as (Fig. 4.32a)

Ci(z) = %H(z) * 1°V(2)"%H(z)C05%? (4.90)

where °i(2) = cohesion at a depth z when the major principal stress
is inclined at an angle ¢ to the vertical (Fig.
4.32b)

H(z) ~ cohesion at depth z for 7=90°

c

V(z)
The preceding equation is of the form as suggested by Casagrande
and Carrillo (1944).

Figure 4.32b shows the nature of variation of i (2) with €.

= cohesion at depth z for Z=0°

The anisotropy coefficient X is defined as the ratio of Y (2) to

C’H(Z) .

(¢
x = v(z) (4.91)

°H(z)
In overconsolidated soils K is less than one, and for normally

consolidated soils the magnitude of X is greater than one.

For many consolidated soils, the cohesion increases linearly
with depth (Fig. 4.32c). Thus
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pfincipal
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(a)
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CH(Z) ' Depth z
(b) (c)

Figure 4,32, Anisotropic clay soil--assumptions for bearing capa-
city evaluation.

°y(z) T ®V(z=0) + a'z (4.92)

where cV(z)’cV(z=0) = cohesion in the vertical direction at depths
of z and z=0, respectively
a' = the rate of variation with depth =z
According to this analysis, the ultimate bearing capacity of a
eontinuous foundation may be given as

W = ovz=0)ciy Y iyt %YBNY(i.) (4.93)

where Nc(i')’Nq(i')’Ny(i') = bearing capacity factors
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q = ¥YD¢
This equation is similar to Terzaghi's bearing capacity equation
for continuous foundations [Eq. (4.31)1.
The bearing capacity factors are functions of the parameters
Be and kX, which can be defined as

13
. = _C___O.Li_.. (4.94)
V(z=0)
< -
where I = characteristic length = —Xlélgl (4.95)

Furthermore, Nc(i')is also a function of the nondimensional width
of the foundation EB'

B! =!§_ (4.96)

The variations of the bearing capacity factors with BC, B', ¢, and
K as determined by Reddy and Srinivasan (1970) are shown in Figs.
4,33, 4,34, and 4.35.

This study shows that the rupture surface in soil at ultimate
1oad extends to a smaller distance below the bottom of the founda-
tion for the case where the anisotropic constant X is greater than

100
(a)
= K=0.8
BC 0 /
86
60
N .
c(i") 1.0

40 //

/ 2.0

20 EEEEEEE::;//,

—
0
0 10 20 30 40
¢ (deg)
Figure 4.33. Influence of X on Nc(i'): (a) 6C=O; (b) BC=0.2; and

(c) BC=0.4 (after Reddy and Srinivasan, 1970).
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160
(b)
B =0.2
140 |=
B'=
- B'=
120
100
N .
c(i') 8o
60
40
20 ’///,
0 E
0 10 20 30 400 10 20 30 40
¢ (deg) ¢ (deg)

Figure 4.33. (Continued).

one. Also, when X changes from one to two with o'=0, the magnitude

of Nc(i,)is reduced by about 30-40%.

Example 4.2, Estimate the ultimate bearing capacity 9, of a con-

tinuous foundation with the following: B=9 ft, cv(2=0)=250 1b/ft2,
a’=25 1b/ft2/ft, D=3 ft, y=110 1b/ft3, and ¢=20°, Assume K=2,

Solution
From Eq. (4.95), characteristic length

c

1= _yl%igl = %%% = 2.27

Nondimensional width =

B' = B/l = 9/2.27 = 3.96



Figure 4.34.

Srinivasan, 1970).

Also

C

40
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NY(i') and Nq(i') for ¥=1 and BC=0 (after Reddy and
a'l _ (25)(2.27) .
7T 0.227

%y (z=0)

Now, referring to Figs. 4.33b and c and 4.35a and b, for ¢=20°, BC=

0.227, k=2, and B'=3.,96 (by interpolation)

Wegin = 14055 Wgein = 6

From Eq.

ay =

(4.93)

and N

y(in ©

4

ey (z=0yYe (it Wqqin * FYBy (i

(250) (14.5) + (3)(110)(6) + (%) (110) (10) (4)

7,805 1b/ft2
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Figure 4,35, Influence of X on Ny(i') and Nq(i') for (a) BC=0 and

BC = 0.4 (after Reddy and Srinivasan, 1970).

4 .10 ULTIMATE BEARING CAPACITY DUE TO VERTICAL ECCENTRIC LOAD

Based on several laboratory model tests, Meyerhof (1953) has
suggested a semiempirical procedure to determine the ultimate bear-
ing capacity of shallow foundations due to eccentric loading condi-
tion. Eccentric loading of shallow foundations occurs when a ver-
tical load @ is applied at a location other than the centroid of
the foundation (Fig. 4.36a), or when a foundation is subjected to a
centric vertical load of magnitude ¢ and a momentum ¥ (Fig. 4.36b).

In such a case, the load ecccentricities may be given as

My
e = 7 (4.97a)
and
My
eg = 7 (4.97b)
where € ,ep = load eccentricities, respectively, in the direction

of long and short axes of the foundation
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Figure 4.36. Eccentric load on shallow foundations.

Mg,M; = moment about the short and long axes of the founda-
tion, respectively

According to Meyerhof (1953), the ultimate bearing capacity a9y
and ultimate load Qu of an eccentrically load foundation (vertical
load) can be given as

+ Lygnr
zyE N_A

Pystya (4.98)

Ay = eV Acsred * gt gstqa

and
Qu = (q)4" (4.99)



262

where A" = effective area = B"L"
B" = effective width
L" = effective length

The effective area A" is a minimum contact area of the founda-
tion such that its centroid coincides with that of the load. For

one-way eccentricity, that is, if eL=0 (Fig. 4.37a), then

B" = B-2en; L" = L; A" = B"L (4.100a)

R’
However, if eg=0 (Fig. 4.37b), calculate L"=L-2¢;. The effective
area is

AT = B(L-ZeL) (4.100b)
The effective width B” is the smaller of the two values, that is B
and L-ZeL.

For two-way eccentricities (that is, eL%O and eB#O), four pos-

sible cases may arise (Highter and Anders, 1985). They are as
follows:

— 5" —

I Effective
I / area
1
Effective &
T /// ‘/, area \\ T
/ ;

—»{°Ble—
L=L" ] "—‘/‘

/
« LS |

— 58— e— 5 —

Ny

(a) (b)

Figure 4.37. Case of one-way eccentricity of the load on the
foundation.
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Case 1 (eL/L31/6 and eB/B31/6):

This case is shown in Fig. 4.38. For this, calculate

SeB
By = B(l.s - — (4.101)
and
SeL
Ly =L 1.5 - - (4.102)
So, the effective area
_ 1
A" = =B L, (4.103)

The effective width B" is equal to the smaller of By and Ly for use
in Eq. (4.98) )

lB1 .__..I Efgzctive
TN T
°B
Q. Ly
eL\
L I ‘f\\
| i 2

— s —
Figure 4.38. Effective areca for the case of eL/L31/6 and eB/Bgl/é.

Case II (eL/L<0.5 and 0<eB/B<1/6):

This case is shown in Fig. 4.39. Knowing the magnitudes of
eL/L and eB/B, the values of Ll/L and LZ/L (and thus I, and LZ)
can be obtained from Fig. 4.39b. The effective area can now be

given as

AN = %(L1+L2)B (4.104)
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Figure 4.39. Effective area for the case of eL/L<O.5 and 0<eB/B<1/6

(redrawn after Highter and Anders, 1985).
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The effective length L" is the larger of the two values Ly and Ly
The effective width is equal to

AII
B" = 45 (4.105)

Case III (eL/L<1/6 and O<eB/B<0.5):

Knowing the magnitudes of eL/L and eB/B, the magnitudes of Bl

and B2 can be obtained from Fig. 4.40. So the effective area can

be obtained as
21
At = 5 (By*By) L (4.106)
In this case, the effective length is equal to
" = L (4.107)

The effective width can be given as

AII

B" = (4.108)

Case 1V (eL/L<l/6 and eB/B<l/6):

For this case, the eL/L curves sloping upward in Fig. 4.41 re-
present the values of BZ/B on the abscissa. Similarly, in the same
figure the family of eL/L curves which slope downward represent the
values of LZ/L. Knowing BZ and LZ’ the effective area A" can be
calculated. For this case, L"=L and B"=4"/L",

In the case of circular foundations under eccentric loading
(Fig. 4.42a), the eccentricity is always one way. The effective
area. 4" and the effective width B"” for a circular foundation are
given in a nondimensional form in Fig. 4.42b.

Depending upon the nature of the load eccentricity and the
shape of the foundation, once the magnitudes of the effective area
and the effective width are determined, they can be used in Egs.
(4.98) and (4.99) to determine the ultimate load for the founda-
tion. It needs to be pointed out that, in using Eq. (4.98)

1. The bearing capacity factors for a given friction angle
are to be determined from those presented in Tables 4.3 and 4.5.

2. The shape factors are determined by using the relation-
ships given in Table 4.4 by replacing B” for B and L" for L wher-
ever they appear.

3. The depth factors are determined from the relationships
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Figure 4,40. Effective area for the case of eL/L<1/6 and 0<eB/B<O.5
(redrawn after Highter and Anders, 1985).
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Figure 4.42, Normalized effective dimensions of circular founda-
tions (after Highter and Anders, 1985).

given in Table 4.4. However, for calculation of depth factor, the

term B is not replaced by B”,
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jected to a centric load and a moment.

If eg
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A shallow foundation measuring 4 ft x 6 ft is sub-
=0.4 ft and eL=1.Z ft,

and the depth of the foundation is 3 ft, determine the allowable

load the foundation can carry.

the soil, given:
Unit weight, y = 115 1b/ft?

Solution

35°

Cohesion, ¢ = 0

"

Friction angle, ¢

For this case

°p

e

0.4 L 1.2

T—T=O.l; T':T:O.Z

For this type of condition, Case II

Referring to this figure,

by
I

Ly

"
From Eq.

A"

So

Ty

i1

n

0.865, or Ly = (0.865) (6)

0.22, or L, = (0.22)(6) =

(4.104)

%(L1+L2)B = 2(5.19+1.32)(

1
qhN + 'Z—YB”N’Y}\ A

A A
q gqs"qd ys~yd

From Table 4.3, for ¢=25°, Nq=33.30.
35°, Vesic's value for NY=48'03'

The

as

1.

4)

Use a factor of safety of 4. For

shown in Fig. 4.39 applies.

5.19 ft
32 ft
= 13.02 ft?

Also from Table 4.5,

for ¢=

shape factors as given by DeBeer (1970) are as follows:

”
l+(%w)tan¢= 1+(§L%%)tan35

1-0.4(%m) = 1-(0.4)(§5§%)

1.339

0.806

shape factors as given by Hansen (1970) are as follows:

1+0.2tan¢(l—sin¢)2(§£>
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1+(0.2) (tan35) (1-sin35)2(3) = 1.019

Ayd =1

So

(115) (3) (33.3) (1.339) (1.019) + (3)(115)(2.51)(48.03)

-Q
=
L}

(0.806) (1)

15,675 + 5,587 = 21,262 1b/ft?2

So, allowable load on the foundation is

Wt " (22,262) (13.02) _
7

72,463 1b

Correlations of Purkayastha and Char

Purkayastha and Char (1977) have carried out stability analy-
ses of eccentrically loaded continuous foundations (eB>O, eL=O) by
using the method of slices as proposed by Janbu (1957). Based on
their analyses, they have proposed that

9u(eccentric)

=1 - (4.109)

Ay

9u(centric)

where Rk = reduction factor
9y (eccentric) = ultimate bearing capacity of eccentrically

loaded continuous foundations

qu(centric) = ultimate bearing capacity of centrally loaded

continuous foundations

The magnitude of Ry can be expressed as
en\k
_ B
7, = o5E) (4.110)
where a and % are functions of the embedment ratio Df/B (Table 4.6)

Table 4.6. -Variations of a and k [Eq. (4.110)]

Df/B a k
0 1.862 0.73
0.25 1.811 0.785
0.5 1.754 0.80
1.0 1.820 0.888
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Hence, combining Eqs. (4.109) and (4.110)

9y(eccentric) qu(centric)(l—R)

ep k
B qu(centric)[l'a(ﬁ—) ] (4.111)

Example 4.4, Consider a continuous foundation having a width of

2 m. If eB=0.2 m and the depth of the foundation Df=1 m, determine
the ultimate load per meter length of the foundation. For the soil
use ¢=40°, y=17.5 kN/m?, and e=0.

Solution

Since e=0, L/B=0

qN_A

- 1
9u(centric) = 9"q"qd * EYBNykyd

From Table 4,3, Nq=64.2. Also from Table 4.5, Meyerhof's NY=93'7'
Again, from Table 4.4, Meyerhof's depth factors are as follows:

De
hqd = Mya 1+(o.1)(g_) tan(45+¢/2)

1+(0.1) ($)tan(45+40/2) = 1.107
So
Yu(centric) - (1) (17.5)(64.2)(1.107) + ($)(17.5)(2)(93.7) (1.1
(1.107)

1,243.7 + 1,815.2 = 3,058.9 kN/m?

According to Eq. (4.111)

e\ K
= = B
Tu(eccentric) ~ qU(CentTiC)(l_R) - qu(centric)[l_a f“) ]
For D /B=1/2=0.5, from Table 4.6, ¢=1.754 and k=0.80. So
0,239 8 ,
9u(eccentric) = 3:058.9 1-1.754(_7_> ~ 2,209 kN/m
The ultimate load per unit length

g = (2,209)(B)(1) =-(2,209)(2)(1) .= 4,418 kN

Theory of Prakash and Saran

Prakash and Saran (197L) have provided a comprehensive mathe-
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matical formulation for estimation of the ultimate bearing capacity
for rough continuous foundations under eccentric loading. Due to
lack of space, the complete derivation of their theory will not be
presented in this section; however, the general procedure will be
outlined.

Figure 4.43a shows the assumed failure surface in a e-¢ soil
under a continuous foundation subjected to eccentric loading. Let

9, be the ultimate load per unit length of the foundation of width

LRI ?:tz.zn::fi:—-;r.i'i SR lf.iff

—ee | ;
AN q=ny
NN
kP | o 45~¢/2 45-¢/2
¢ 111 Soil
Zone I I l

(a)

(b)

Figure 4,43, Bearing capacity theory of Prakash and Saran (1971)
for eccentrically loaded rough continuous foundation.



273

b e e o —— e

(c)
Figure 4,43, (Continued).

B with an eccentricity of eg- In Fig. 4.43a, Zone I is an elastic
zone with wedge angles of oy and o, Zones II and III are similar
to those assumed by Terzaghi in Fig. 4.6 (that is, Zone II is a
radial shear zone, and Zone III is a Rankine passive zone).

The bearing capacity expression can be developed by consider-
ing the equilibrium of the elastic wedge ABC located below the
foundation (Fig. 4.43b). Note that in Fig. 4.43b the contact width
of the foundation with the soil is equal to Bzy. Neglecting the
self weight of the wedge

Qu = Ppcos(u1-¢) + Pmcos(u2-¢m) + Casinal + Gésinaz (4.112)

where Pp’Pm = passive forces per unit length of the wedge along the
wedge faces BC and AC, respectively
¢ = soil friction angle

¢, = mobilized soil friction angle (<¢)

cEmlsinaz
¢. = adhesion along the wedge face BC =
a 51n(a1+azj

chx151na1

51nial+uz)

Cé = adhesion along the wedge face AC

m = mobilization factor (<1)

¢ = cohesion

Equation (4.112) can be expressed in the form
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Q
- u _ 1
90 TE<IY ~ 5yBNY(e) + YDqu(e) + ch(e) (4.113)

where Ny(e)’Nq(e)’Nc(e) = bearing capacity factors for an eccentri-

cally loaded foundation

The above-stated bearing capacity factors will be functions of
eB/B, ¢, and also the foundation contact factor xq. In obtaining
the bearing capacity factors, Prakash and Saran (1971) assumed the
variation of xq as shown in Fig. 4.43c. Figure 4.44 shows the var-
Y(e)? Nq(e)’ and NC(S) with ? and eB/B. Note t?at for
eB/B=0, the bearing capacity factors coincide with those given by
Terzaghi (1943) for a centrally loaded foundation (Table 4.1.)

For rectangular foundations with one-way eccentricity (that is

iation of ¥

eL/L:O), the ultimate load may be expressed as
= = L X
oy = a8 = BD[FVER () ys (o) + eV (o) gs (o)

+ C”c(e)”cs(e)] (4.114)

where A = shape factors

vs(e) qs(e) s (e)
The shape factors may be expressed by the following relation-

ships
2e 3e
_ B B BY B2

Ms(e) 1.0+<~w§~ - O.68> () + (0'43'7T>(3) (4.115)
where L = length of the foundation

A =

gs(e) = 1 (4.116)
and

A 1+ 0.2%) (4.117)

cs(e) TN :

Prakash (1981) has also given the relationships for settlement
of a given foundation under centric and eccentric loading condi-
tions for an equal factor of safety P They are as follows (Fig.
4,45)

g 2 3

E% - 1.0 - 1.63(;§>-2.63(;§> . 5.83(;§) (4.118)
and
gﬂ = 1.0 + 2.31(25) - 22.61(;E)2 . 31.54(23)3 (4.119)
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:Qu(centric) -0
s all(centric)

Qu(ectentric)

eg F T Qall(eccentric)

Figure 4,45, Notations for Egs. (4.118) and (4.119).

where S, = settlement of a foundation under centric loading at
_ qu(centric}
9311 (centric) F
SesSy = settlements of the same foundation under eccentric load-

_ qu(eccentric)

ing at 9311 (eccentric) 7

S

Examplie 4.5. Solve Example 4.4 by using the method of Prakash and
Saran (1971).

Solution

From Eq. (4.113)

Lopy
0y = O[30, o) * el ey * ee)]

Given e=0. For ¢=40°, eB/B =0.2/2=0.1. From Fig. 4.44,
56.09 and Ny(e)=71'8' So

Ta(e)”

O
1]

(2x1)[(§)(17.5)(2)(71.8) + (17.5)(1)(56.09)]

2(1,256.5 + 981.6)

14

4,476 kN
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4 .11 FOUNDATIONS SUPPORTED BY A SOIL WITH A RIGID ROUGH BASE AT
A LIMITED DEPTH

The problem of bearing capacity of shallow rough foundations
discussed in the preceding sections assume that the soil is homo-
geneous and extends to a great depth. However, it is possible that
a rigid rough base is located at a shallow depth below the bottom
of the foundation. In that case, the ultimate bearing capacity of
the foundation will be altered to some extent. The problem can be
explained more clearly by referring to Fig. 4.46. Figure 4.46a

shows a shallow rough continuous foundation supported by a soil

77 ‘ 7 77 7 7 7 777 7
Rigid rough base

(b)

Figure 4.46. Failure surface under a rough continuous foundation:
(a) Homogeneous soil extending to a great depth; (b) With a rough
rigid base located at a shallow depth,
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which extends to a great depth. The ultimate bearing capacity of

this foundation can be expressed (neglecting the depth factors) as

q, = CNC + qu + %yBN (4.120)

Y

The procedure for determination of the bearing capacity fac-
tors Nc’ Nq’ and IVY in homogeneous and isotropic soils has been
outlined in Sections 4.3, 4.5, and 4.7. The extent of the failure
zone in soil at ultimate load a9y is equal to D', The magnitude of
D' as obtained during the evaluation of the bearing capacity fac-
tors NC (Prandtl, 1921) and ¥_ (Reissner, 1924) is given in a non-
dimensional form in Fig. 4.47. Similarly the magnitude of D’ ob-
tained during the evaluation of IVY (Lundgren and Mortensen, 1953)

is also given in Fig. 4.47,.

3.0
For W //
c //
and Nﬁ//
2.0 —
D’ Pad
B _— " |¥For ny ,///
1.0 —— ~
P,-—”/— ’,///,
—/
—-//
0
0 10 20 30 40 50

Soil friction angle ¢ (deg)

Figure 4,47, Variation of D'/B with soil friction angle.

Now, if a rigid rough base is located at a depth of H<D' below
the bottom of the foundation, full development of the failure sur-
face in soil will be restricted. In such a case, at ultimate locad
the soil failure zone and the development of slip lines will be as
shown in Fig. 4.46b. Mandel and Salencon (1972) have determined
the bearing capacity factors for such a case by means of numerical
integration using the theory of plasticity. Acccrding to Mandel
and Salencon's theory (1972), the ultimate bearing capacity of a
rough continuous foundation with a rigid rough base located at a
shallow depth can be given by the relation

= * 1
q, cNé + qu + 2YBN¢ (4.121)
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i

where Né,N;,N; = modified bearing capacity factors
B

y = unit weight of soil

width of foundation

7 *= A= A= -
Note that, for H>D', NC NC, Nq Nq’ and NY NY (Lundgren and Morten
senj.

The variations of Ve, Nq’ and IVY with H/B and soil friction
angle ¢ are given in Figs. 4.48, 4.49, and 4.50.

Neglecting the depth factors, the ultimate bearing capacity of
rough circular and rectangular foundations on a sand layer (e=0)
with a rough rigid base located at a shallow depth can be given as
(Meyerhof, 1974)

ay, = qwaxas + %NBN¢A¢S (4.122)

* * = 1f1
where Aqs’xys modified shape factors

10,000

5,000 £

2,000
// /
1’000 0.33

500 //

200

¥t 100 /// Ao /p
o LA e

20 ,/{jzﬁf;j:/‘/;.e

A
10 A/ 1.2
/
s 0.9
0.7
2
1
0 10 20 30 40

¢ (deg)

Figure 4,48, Mandel and Salencon's bearing capacity factor N}
[Eq. (4.121)]1.
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10,000

[l 1/

H/B=0.i//
2,000
o.j/ 0.6
1,000
500 //

//uD’/B

3.0

NANE
A\

20 yd

50 // //i://

=\

10

1.4
1.2

20 25 30 35 40 45
¢ (deg)

Figure 4.49, Mandel and Salencon's bearing capacity factor ¥%
[Eq. (4.121)7. q

The above-mentioned shape factors are functions of #/B and ¢. Based
on the works of Meyerhof and Chaplin (1953), and with simplifying
the assumption that in radial planes the stresses and shear zones
are identical to those in transverse planes, Meyerhof (1974) has

evaluated the approximate values of Aas and A*_ as

vS
A= 1 - m (8 (4.123)
qs 1'‘L *
and
A= 1 - ma (D) (4.124)
Ys 2 L :

where L = length of the foundation

The variations of m; and my with H/B and ¢ are given in Fig. 4.51la
and b,

Milovic and Tournier (1971) and Pfeifle and Das (1978) have
conducted laboratory tests to verify the theory of Mandel and
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Figure 4.50. Mandel and Salencon's bearing capacity factor N3%
[Eq. (4.121)1. v

Salencon (1972). Figure 4,52 shows the comparison of the experi-
mental variation of N; for a rough surface foundation (Df=0) on a
sand layer with theory (Pfeifle and Das, 1979). The angle of fric-
tion of the sand used for these tests was 43°. From Fig. 4.52, the

following conclusions can be drawn:

1. The value of N; for a given foundation increases with the
decrease of H/B.

2. The magnitude of H/B=D'/B beyond which the presence of a
rigid rough base has no influence on the ¥* value of a foundation
is about 50-75% more than that predicted by the theory.

3. For H/B between 0.6 to about 1.9, the experimental values
of N* are higher than those predicted theoretically.

4, For H/B<about 0.6, the experimental values of N; are sub-

stantially lower than those predicted by theory. This may be due
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0.8
///////// 0.2

0 |,////| I 1 ! |

20 25 30 35 40 45 20 25 30 35 40 45
¢ (deg) ¢ (deg)

Figure 4.51. Variation of my and moy (Meyerhof's values) for use in
the modified shape factor equations [Eqs. (4.123) and (4.124)].

5,000
\ T T
Theory
(Mandel and
Salencon, 1972)
2,000 D mn
\\
L)
Y
1,000 . 4 -
nt . Experimental
Y ‘\\{\‘/// (Das and Pfeifle, 1979)
500 ~
4
S~o ,___pScale
W change
200 N\ >~ -~ )
$=43°; =0
100 l
0 0.4 0.8 1.2 1.6 2.0 4.0 5.0
H/B

Figure 4.52. Comparison of theory with the experimental results
for N¢.

to two factors: (i) the crushing of sand grains at such high val-

ues of ultimate load, and (ii) the curvilinear nature of the actual
failure envelope of soil at high normal stress levels.
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4 12 BEARING CAPACITY OF FOUNDATIONS CN SLOPES

"The bearing capacity of foundations on or near slopes is
smaller than that obtained for foundations on level ground. This
is primarily due to the fact that the soil zone involved in pro-
viding resistance at ultimate load is smaller on the downhill side
of the slope (Fig. 4.53). Meyerhof (1957) has provided a solution
for the determination of the ultimate bearing capacity of rough
continuous foundations on or near a slope, which is an extension of
his original bearing capacity theory (1851). According to the so-
lution of Meyerhof

Figure 4.53. Continuous rough foundations: (a) Near a slope; and
(b) On a slope.
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= L
u = cNCq + ZYBNyq (4.125)
where Ncq’Nyq = bearing capacity factors
For purely cohesion soils (that is, ¢=0)
a, = cuNcq (4.126a)
For cohesionless soils (that is, ¢=0)
q, = -;-yazqu (4.126b)

The above equation is applicable to both cases--foundations on a

slope (Fig. 4.53b) and foundations near a slope (Fig. 4.53a). The
variations of NC and NY for use in Eqs. (4.126) and (4.127) are
given in Figs. 4.54 and 4.55. In order to use Fig. 4.54, the fol-

lowing should be kept in mind.

8
NS=
0° 0
s o ok NP e
L~ - e - o
30007 -  £=90
6 LA i
Ve Ve /
7 s
Ve o
1o° 0
5 7 Z

307/ 4
N 4

cq

> =] ="

. £30° | 60

/ . — D/B=0

£=90 ——— Dg/B=1

0 "

0 1 2 3 4 5 6

b/B (for NS=O) or b/H (for NS>0)

(a)

Figure 4.54. Meyerhof's bearing capacity factor N., for use in Eq.
(4.126a): (a) For foundation near a slope (Fig. 4.g3a); (b) For
foundation on a slope (Fig. 4.53b).
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Figure 4.54. (Continued).

1. Ns = stability factor = %ﬁ
u

where y = unit weight of soil

=]
1

height of slope

undrained cohesion

[
]

2. In order to obtain NC from Fig. 4.54a for foundations
wherc B<H, use the curve for NS=O. When necessary, interpolate for
values of Df/B between zero and one.

3. In order to obtain the value of Ncq from Fig. 4.54a for
foundations where B>H, use the curve for calculated stability fac-
tor IVS .

4, Figure 4.55a and b are for cohesionless soils for use in
Eq. (4.126b). When necessary, interpolate for values of Df/B be-

tween zero and one.

Example 4.6. A continuous foundation having a width of 1 m is lo-
cated on a slope. Referring to Fig. 4.53a, Df=1 m, H=4 m, b=2 m,
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Figure 4.55. Meyerhof's bearing capacity factor NYq for use in Eq.
53

(4.126b): (a) For foundation near a slope (Fig. 4.53a); (b) For
foundation on a slope (Fig. 4.53b).

v=16.8 kN/m3, ¢=50 kN/m2, B=60°, and ¢=0. Determine the ultimate
bearing capacity of the foundation.
Solution

Given B=1. For this case, B>H. So NS=0.

b 2 _
F-T "2

For B=60°, the value of Ncq from Fig. 4.54a is 6.35. So

q, = cuNcq = (50)(6.35) = 317.5 kN/m?
4 .13 BEARING CAPACITY OF FOUNDATIONS ON LAYERED SOIL

Most of the problems on bearing capacity treated so far in

this chapter relate to foundations supported by soil deposits
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Figure 4,55, (Continued).
extending to great depths. In many circumstances it is possible

that a foundation is located on a layered soil and the interface of
the soil layering is at a shallow depth # as shown in Fig, 4.56.
Depending on the ratio H/B, it is possible that the ultimate bear-
ing capacity of the foundation will change. In this section, some
of the possible cases for estimation of the ultimate bearing capa-
city of a shallow foundation on layered soil will be discussed in
detail.

Foundations on Layered Clay (9=0 concept)

Figure 4.57a shows a continuous surface foundation of width B
located on a layered clay soil. The ultimate bearing capacity of
this foundation can be given as

= Cuy-1%c () (4.127)

where Cu(V)-l = undrained shear strength of the top soil layer when
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i)
)

°2

Figure 4,56, Shallow foundation on layered soil.

the major principal stress is vertical
NC(L) = bearing capacity factor

However, the bearing capacity factor NC(L) will be a function of

H/B and cu(V)—Z/Cu(V)—l’ or

c
Py - f[%, -O-EQQ—E] (4.128)
u(v)-1
where cu(V)—Z = undrained shear strength of the bottom clay layer

when the major principal stress is vertical

Reddy and Srinivasan (1967) have developed a procedure to de-

termine the variation of ¥ In the development of their theory

c(L)*
they assumed that (i) the failure surface is cylindrical as shown
in Fig. 4.57a where the center of the trial failure surface is at
0, and (ii) the undrained shear strength of the soil may be aniso-

tropic and follows the Casagrande-Carrillo relationship (1954)

eu(iy = Cun) *leuqvyeuqu)lsin®t (4.129)

where Cu(i) ° undrained shear strength at a given depth when the
major principal stress is inclined at an angle 7 with
the horizontal [Note: Eqs. (4.90) and (4.129) are

the same]
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Cu(v)-2
(a)
“u (V) Cu(v)y
Ch(vy-1 -9 ¢ » -»
_____ | __JT:]“—CU(V)-I
OR
L) -2
Cu(vy-2
L /
Depth = Depth z
(b)

Figure 4.57. Assumptions in deriving the bearing capacity rela-
tionship of Reddy and Srinivasan (1967) for a continuous foundation
on layered clay (anisotropic) soil (¢=0).

- . - o o
cu(V)’cu(H) undrained shear strength for Z=90° and 0

Now, let us assume that the magnitude of Cu (V) for the top clay

layer and the bottom clay layer [cu(V)—Z] remains con-

Cuqvy-11s
stant with depth z as shown in Fig. 4.57b.

In Fig. 4.57a, for equilibrium of the foundation (considering
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forces per unit length of the foundation), taking the moment about
point 0

2bq, (rsino-b) = 2 f 2loyqy-1)de * 2 r2 ey 5y p1de (4.130)
0

half-width of the foundation

r = radius of the trial circle

where b

cu(i)-l’cu(i)-z = directional undrained shear strength for
layers 1 and 2, respectively

As shown in Fig. 4.57a, let y be the angle between the failure

plane and the direction of the major principal stress. Referring

to Eq. (4.129)

Along arc AC

Ch(i)-1 T Cu(H)=1 + [cu(v)_1—cu(H)_l]sin2(a+w) (4.131)
Along arc CE

u(iy-2 T Cugn-2 T Puquy-27%uqn -2 18R (er ) (4.132)
Similarly, along arc DB

°h(i)-1 = Cu(H)-1 * [cu(v)_1—cu(H)_1]sin2(u—w) (4.133)
and, along arc ED

cu(i)-Z = cu(H)-Z + [cu(V)_Z-Ou(H)_Z]sinz(a—w) (4.134)

Note that for the portion of the arc AE, Z=a+¥, and for the portion
BE, i=a-y. Now, let the anisotropy coefficient be defined as

‘u(v)-1 _ ‘u(v)-2
Su(H)-1 Cu(m-2

(4.135)

The magnitude of the anisotropy ratio X is less than one for over-
consolidated clays, and k>1 for normally consolidated clays. Also,
let

. [_m_z] - [.._(_H)__Z_] 1 (4.136)
u(vy-1 Cu(H)-1

where n = a factor representing the relative strength of two clay
layers

Combining Egs. (4.130)(4.131), (4.132), (4.133), (4.134),
(4.136)
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8
quu(rsine—b) = f Z’Z{C’U(H) -l+ [cu () _1'GU(H) _1]Sin2 (a+d) }a

91

0

* f r2{ey -1t 1y vy -17Cu ) -1 18107
5]
1

81

(a-p) 1o + [ w2 (D ey gy -1t leg vy -1
0

1

-eyay-1)sin® (erd)da + [ w2e1ytey gy
0

1sin? (a-y) }da (4.137)

+le

u(v)-1"%(H)-1

Or, combining Eqs. (4.135) and (4.137)

9y _ r2/p2 -1
e ZK[(r/b)51ne-1]{29*2”91*(K'1)9+”(K'1)91 iy
[sin2(6+¢) , 5inz(6-y) n(K-1)
2 Z ] - 2
sin2(6,-y) sin2(6,-v)
1 1
[— - - ]} (4.138)
where 6, = cos~!(cos8 + 1)
1 ’ r
From Eq. (4.127), note that
q
= (4.139)

N =
c(L) Gu(V)—l

In order to obtain the minimum value of NC(L)=(qu)/[cu(V)—1]’

the theorem of maxima and minima need to be used, or

5y
i) - o (4.140)
and
3y
(L) . (4.141)

Equations (4.138), (4.140), and (4.141) will yield two rela-

tionships in terms of the variables 6 and »/b. So, for given
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values of H/b, X, n, and ¥, the above relationships may be solved
to obtain values of 6 and r/b. These can be then be used in Eq.

(4.138) to obtain the desired value of NC(L)
/b, X, n, and ¥). Lo (1965) has shown that the angle y between
the failure plane and the major principal stress for anisotropic

(for given values of

soils can be taken as approximately equal to 35°.

The variations of the bearing capacity factor . obtained

in this manner for ¥=0.8, 1 (isotropic case), 1.2, l.£%)1.6, 1.8,
and 2 are shown in Fig. 4.58.

It needs to be pointed out that, if a shallow foundation is
located at a depth D (Fig. 4.59), the general ultimate bearing ca-
pacity equation [see Eq. (4.71)] will be of the form (¢=0 condi-
tion)

g = cu(V)-lNc(L)AcsAcd * qu(L)Aquqd
where ¢ = lef

Tq(u)
So

1 for ¢=0 condition

9y = cu(V)—lNc(L)Acs)\cd * qxqskqd (4.142)

Proper shape and depth factors can be selected from Table 4.4,

Example 4.7. Refer to Fig. 4.59. For the foundation, given: D=
0.8 m, B=0.8 m,L =1.6 m, H=0.5 m, v;=17.8 kN/m?, Y,=17.0 kN/m?,

= 2 — 2 . . _
cu(V)-1"45 kN/m*, cu(V)-Z 30 kN/m“, and anisotropy ratio XK=1.4.
Estimate the allowable load bearing capacity of the foundation with
a factor of safety Fs=4’

Solution

From Eq. (4.142)

9y = Cu(V)—lNc(L)AcsAcd * (Ylpf)xqsqu
H/b = H/(B/2) = 0.5/0.4 = 1.25; k= 1.4

e
u(V)-2 _ 30 _
T S 7T < 0.667

u(v)-1
So
n = 1-0.667 = 0.333

So, from Fig. 4.58d, the value of ¥ ):4.25

c¢(L
We will use Meyerhof's shape and depth factors given in Table
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Figure 4.58. (Continued).

>
n

s = 1028 = 1+(0.2)(%f%) = 1.1

Aqs =1

D
- £\ _ 0.8, _
Aog = 1+o.2(§~) = 1+00.2) (§=8) = 1.2
ha = 1
So

(45)(4.25)(1.1)(1.2) + (17.8)(0.8)(1.0)(1.0)

~
c
i

252.45 + 14,25 = 266.69 kN/m?

_%u _ 266.69 _ 5
=7 = —-——I—-—-— = 66,67 kN/m

9311 s

Meyerhof and Hanna's Theory--Strong Soil Underlain By Soft Soil
Meyerhof and Hanna (1978) developed a theory for estimating
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Load

(@]
<
=
~
S
e
A Y

BxL

"
-
’
1

'

Clay
Y2
¢4=0

Cu(v)-2
Figure 4.59. Rectangular foundation on anisotropic layered clay.

the ultimate bearing capacity of shallow rough continuous founda-
tions supported by a strong soil layer underlain by a weaker soil
layer as shown in Fig. 4.60. According to their theory, at ultimate
load per unit area (qu), the failure surface in soil will be as
shown in Fig. 4.60. If the depth H is relatively small compared to
the foundation width B, a punching shear failure will occur in the
top soil (stronger) layer followed by a general shear failure in
the bottom soil (weaker) layer. So, the ultimate bearing capacity
of the continuous foundation can be given as

Z(Ca+P sing)
9y = 49p * 5 -4 (4.143)

where B = width of the foundation

Yy = unit weight of the stronger soil layer
¢, = adhesive force
Pp = passive force per unit length of the faces aa' and b’
qy, = bearing capacity of the bottom soil layer
$

= inclination of the passive force Pp with the horizontal
Note that, in Eq. (4.143)
C, = c,H# (4.144)

where e, = adhesion
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D ".:i ‘,-'- . :.. .,'.-)'.
Stronger soil
Y1

3|

Figure 4.60. Shallow rough continuous foundation on layered soil--
strong over weak,

P = iy g2 <fEE"> + (y,D )(H)(fBﬂ_>
P 21 cos9 17°f cos§

L ) ZDf X H
= 54 <}-+ Vi (E%EE) (4.145)
where X = horizontal passive earth pressure coefficient
Also

= L
qp = CZNC(Z) + yl(Df+H)Nq(2) + ZYZBNy(Z) (4.146)

where e, = cohesion of the bottom layer (weaker) or soil

¥, = unit weight of the bottom layer of soil
N N = 1 i
c(Z)’Nq(Z)’ Y(2) bearing capacity factors for the bottom
soil layer (that is, with respect to the
soil friction angle of the bottom soil
1ayer——¢2)
Combining Eqs. (4.143), (4.144), and (4.145)

2D

ZC'aH 1 2 f K H sind
9y 9y * B * (2)[§Y1H 1+ H )] (cosS) ( B > - YlH

anH ) ZDf X Htan@
Adp = P M ET L - > g

n

- vqH (4.147)
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However, let

KthanG = KStan¢1 (4.148)
where X = punching shear coefficient
So
2¢ H 2D K _tan¢
_ a Py f S 1
I I O T (1+ i ) B - Yq# (4.149)

The punching shear coefficient can be determined by using the pas-
sive earth pressure coefficient charts as proposed by Caquot and
Kerisel (1949). Figure 4.61 gives the variation of KS with qz/q1
and ¢1. Note that ql and qz are the ultimate bearing capacities of
a continuous foundation of width B under vertical load on the sur-
faces of homogeneous thick beds of upper and lower soil. Or

- 1
q; = clmc(l) + 7YlBNy(l) (4.150)

40

30
qz/qfl/

y // //
0.2
— /
020 30 40 50

¢; (deg)

Figure 4.61. Variation of Xg with ¢; and ¢,/qq1 (after Meyerhof and
Hanna, 1978).
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where Nc(l)’Ny(l) = bearing capacity factors for the soil friction
angle ¢l

- 1
9, = CZNC(Z) + ENZBNY(Z) (4.151)

However, if the height # (Fig. 4.60) is large compared to the
width B, then the failure surface will be completely located in the

upper stronger soil layer as shown in Fig. 4.62. In such case, the
upper limit for 9y will be of the following form

= - L
9y = 9¢ cl”c(l) + qu(l) + 2Y13Ny(1) (4.152)
Note that the preceding equation is similar to that given in Eq.

(4.69). Hence, combining Eqs. (4.149) and (4.152)

2¢_H 2D K _ tand¢
- a 2 f S 1 - -
q, = @, * —— * VqH (1 = ) —— ~V1# £ q, (4.153)

For rectangular foundations, the preceding equation can be
modified as

H 2D K _tan¢
_ B a B 2 £ S 1 8
90 = 9p 7 (liuf)( B >Sa (1 f)ylH (1+ H )( B ) s
ENEXA (4.154)
where 8,08¢ = shape factors
W = 2V nytesczy T 1P 0y s (2)
3P 0y A g (2 (4.155)
e = e¥enytescy P ) Mes (1)
B
3B (1) Rys (1) (4. 150

Acs(l)’xqs(lj’xys(l) = shape factors for the top soil layer
(friction ang1e=¢1)——see Table 4.4

Acs(Z)’Acs(Z)’Ays(Z) = shape factors for the bottom scil layer
(friction ang1e=¢2)-—see Table 4.4

Based on the general equations [Eqs. (4.154), (4.155), and
(4.156)1, some special cases may be developed. They are as follows

Case I: Strong Sand Layer Over Weak Saturated Clay (¢2=0)

For this case, clzo and’ hence, ca=0, Also for ¢2=0, NC(Z):
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Stronger soil
H Yl

¢
v 04

Weaker soil
Y2
)
¢2

Figure 4.62. Continuous rough foundation on layered soil--k/B 1is
large.

5.14, NY(2)=O’ Nq(2)=1’ ACS=1+O.2(B/L), Aqszl (shape factors are
Meyerhof's values as given in Table 4.4). So
2D\ K_tang
B B £ 1
a, = [1+o.2(f)] (5.14)c, + (1+EJY1H2<1+ H>—§—§-—--ss

B
where g, = lequ(l)[l+0.1(f)tan2(45+¢1/2)

« ypmn gy [0 1By ean? (aseey /)] (4.158)

In Eq. (4.158), the relationships for the shape factors Aqs

and Ays are those given by Meyerhof (1963) as shown in Table 4.4,
Note that K, is a function of qz/q1 [Eqs. (4.150) and (4.151)].
For this case

9, GZNC(Z) 5.1402

_—= = 3 4,159)
q 1 0.5y,BN ‘ (
1 zYlBNY(l) 177y (1)

So, once qz/q1 is known, the magnitude of K, can be obtained from
Fig. 4.61, which in turn can be used in Eq. (4.157) to determine
the ultimate bearing capacity of the foundation 9y The value of

the shape factor e. for strip foundations is equal to one. For

S
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square or circular foundations, the magnitude of 84 appears to vary
between 1.1 to 1.27 (Hanna and Meyerhof, 1980). For conservative
design, it may be taken to be equal to one.

Based on this concept, Hanna and Meyerhof (1980) have devel-
oped some alternate design charts for the determination of the
punching shear coefficient Ko and these are shown in Figs. 4,63
and 4.64. In order to use these charts, the following steps need
to be followed.

1. Determine q,/q;.

2., With known values of ¢, and qz/ql, determine the magnitude
of 6/¢1 from Fig. 4.63.

3. With known values of ¢, 6/¢1, and ey, determine Ky from
Fig. 4.64.

A\
\

6/9;

0 0.2 0.4 0.6 0.8 1.0
qz/ql

Figure 4.63. Variation of d/¢1 with qz/ql and ¢q for stronger sand
layer over weaker clay layer (after Hanna and Meyerhof, 1980).
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50

40

§/6.=0.8
30 !

20 4/”/4

10

2]

10 15 20 25 30 35
e, (kN/m2)

(a)

30

20
6/¢1 /

=0.8
X /
S // 0.6 1

10

[ 0.3
0

5 10 15 20 25 30 35

e, (kN/m?2)
(b)

Figure 4.64. Coefficient of punching shear--strong sand over
weaker clay: (a) $1=50°; (b) $1=45°; (c) ¢1=40° (after Hanna and
Meyerhof, 1980). )
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20
§/9,=
S 0.8
Z:::::: 0.6
—— ] 0.4
0 0.3
5 10 15 20 25 30 35
e, (KN/m2)
(c)

Figure 4.64. (Continued).

Example 4.8, Figure 4.65 shows a continuous foundation. (a) If
g=1.5 m, determine the ultimate bearing capacity .- (b) At what
minimum value of #/B will the clay layer not have any effect on the

ultimate bearing capacity of the foundation?

Load

1.2 m \\\\ Sand

\\;j\\\\\ Y,=17.5 kN/m3
9,=40°

—2m—p ¢;=0
H =B
Clay
Y,=16.5 kN/m3
$,=0
¢,=30 kN/m2

Figure 4.65.
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Solution

Part a: For B/L=0 and with ss=1, Eq. (4.157) takes the form

ZDf Kstancl>1
2 RN
5.14a2 + ylH 1+ 7 z + lef

Ty

K _tan4d(
(5.14) (30) + (17.5)(H2)[1 +(2)§1'2)] S+ (17.5)1.2)

175.2 + 7.3428%K_(1+ 254) (a)

For determination of Ko, we need to obtain qz/ql. From Eq. (4.159)

 _ 5.14c2

q

qq O'SYlBNY(l)
From Table 4.5, for ¢1=40°, Meyerhof's value of Ny(l) is equal to
93.7. So

2 (5.14)(30)

§I (0.5)(17.5)(2)(983.7)

= 0.094

Referring to Fig. 4.63, for qz/q1=0.094 and ¢1=40°, the value of
§/9,=0.42. So with 8/¢,;=0.42, c,=30 kN/m?. Figure 4.64c gives the
value of KS=3.89. Substitution of this value of Eq. (a) gives

175.2 + 28.5682(1+ 24y < g, (b)

q

u
- B 2 1
q. = lequ(l)[1+0.l(f)tan (45+¢1/2)]+ CARLLMEE
[1+0 1(&)tan2 (45+¢ /zﬂ
1z 1
For continuous foundation, B/L=0. So
- 1
Te T Prfq) T Py ()

For ¢1=4O°, Meyerhof's value of NY(l):93'7 (Table 4.5) and Nq=64.2
(Table 4.3). Hence

(17.5)(1.2)(64.2) + (3)(17.5)(2)(93.7)
1,348.2 + 1,639.75 = 2.987.95 kN/m? (c)

¢

i

If F=1.5 m is substituted into Eq. (b)

2.4
1.5

q, = 175.2 + 28.56(1.5)2(1+522) = 342,3 kN/m2

Since qu=342.3<qt, the ultimate bearing capacity is 342.3 kN/m?
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Part b. For the clay layer not to have any effect on the ultimate
bearing capacity, the minimum value of H will be such that it will
satisfy the relationship

2.4
)

g, = 175.2 + 28.56E2(1 + = q, = 2,987.95

By trial and error, H=6.2 m. So

82 -3

o] F

Case II: Strong Sand Layer Over Weak Sand Layer

For this case cl=0 and cz=0. Hence, referring to Eq. (4.154)

3 ZDf Kstand)1
a, = ap * U_+f)yleé,+ 7 ><"“7T-—)ss - Y{H 29, (4.160)
= 1
where qy, = Yl(Df+H)Nq(2)Aqs(2) + 5Y23Ny(2)xys(2) (4.161)
= 1
9e = Y1Pe¥q(1)Mqs (1) T 21BNy () ys (1) (4.162)
Using Meyerhof's shape factors given in Table 4.4
= - B 2
Mas(1) = Mysquy = 1 0-1(R)tan?(45+4,/2) (4.163a)
and
= B 2
has(2) T Mys(zy = 1t 0.1(z)tan?(45+4,/2) (4.163b)

For conservative design, the magnitude of s, can be takento be
equal to one for all B/L ratios. For this case
0.5Y,BN N
T2 _ 2 2VaPy iy | ey (o
N
v Y1y

a; - 0.5Y, Bl
Once the magnitude of qz/q1 is determined, the value of the punch-

(4.164)

ing shear coefficient K can be obtained from Fig. 4.61. Hanna
(1981) has suggested that the friction angles as obtained from di-
rect shear tests should be used.

More recently, Hanna (1981) has provided an improved design
chart for estimation of the punching shear coefficient K in Eq.
(4.160). In this development, he assumed that the variation of ¢
for the assumed vertical failure surface in the top strong sand
layer will be of the nature as shown in Fig. 4.66, or

6X = n¢2 + qx? (4.165)

where
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x
[—35 -9
¢1 —»)
Actual
failure
surface
H
Assumed
S 7 k)(/’—— vertical
4 1 \ failure plane
_ e/ qar bl ] R
e S R RSP >
Sand — ¢, - $
Y2
2

Figure 4.66. Variation of & with depth for evaluation of Xg as
assumed by Hanna (1981).

q

. 72 (4.166)

91
b,-(g,/q,)9
g o= L 22771772 (4.167)
H2
So
_ qZ ¢1—(q2/q1)¢2 5
8, = (5I>¢2 + [-—-—_7;;-—-—- z {4.168)

The preceding relationship means that at x=0 (that is, at the in-
terface of the two soil layers)

s - (22
- <5I> 4, (4.169)

and at the level of the foundation, that is, x=#

6 = ¢; (4.170)

Equation (4.165) can also be rewritten as

(2 . ¢,-(ay/q.)9,
§, = (E}>¢2 {-————7;;—-——-](H—z)2 (4.171)

where GZ is the angle of inclination of the passive pressure with
respect to the horizontal at a depth z measured from the bottom of
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the foundation. So, the passive force per unit length of the ver-

tical surface aa’ (or bb') is

H
f [ coscS ](Z+D Ydz (4.172)
0

where X = horizontal component of the passive earth pressure

pii(z) coefficient at a depth z measured from the bottom of
the foundation
The magnitude of Pp as expressed by Eq. (4.172), in combina-
tion with the expression GZ given in Eq. (4.171), can be determined
by means of a computer. In order to determine the average value of

§ as given by Eq. (4.145), the following steps are taken:

1. Assume an average value of § and obtain KpH as given in
the tables by Caquot and Kerisel (1949).

2. Calculate P_ from Eq. (4.145) using the average value of §
and KpH obtained from Step 1.

3. Repeat Steps 1 and 2 until the magnitude of P_ obtained
from Eq. (4.145) is the same as that calculated from Eq. (4.172).

4. The average value of §, for which P_ calculated from Egs.
(4.145) and (4.172) are the same, is the value that needs to be
used in Eq. (4.148) to calculate K.

Figure 4.67 gives the relationship for 6/¢l VSs. ¢2 for various
values of ¢1 obtained by the above procedure. Using Fig. 4.67,
Hanna (1981) has given a design chart for K, and this is shown in
Fig. 4.68.

Case III: Strong Clay Layer (¢1=0) Over Weak Clay Layer (¢2=0)

For this case, Nq(l) and Nq(Z) are both equal to one, and

i =N =0. = =5.14. . .
(1) Ty (2) 0 Also, Nc(l) NC(Z) 5.14 So, from Eq. (4.154)

B B anH
q, - [1+O.2(-I—I)]021VC(2) L (1+3) <T)sa +¥De £ q,  (4.173)

_ B
where 9; = [1+0'2(f)]01”c(1) * Y10¢ (4.174)

The magnitude of the shape factor s, may be taken as equal to one
for conservative design. The magnitude of the adhesion e, is a
function of qz/ql. For this condition

i&= e NC(ZJ ) 5.1402 . c,

94 c1lc (1) 5.14cy cq

(4.175)
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1.0
0.9
45° 509
35° 409
0.8 -
¢1"
6/ 250 30
0.7 /
0.6 / ////////////////////// ///////
0.5 ‘*’—‘[:::::::
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Figure 4.67. Variation of 6/¢l with ¢, (after Hanna, 1981).

Figure 4.69 shows the theoretical variation of ¢, with qz/q1
(Meyerhof and Hanna, 1978).

Example 4.9. Figure 4.70a shows a shallow foundation. Given: un-
drained shear strengh ey (for ¢1=0 condition)=80 kN/m?, undrained
shear strength ¢, (for ¢,=0 condition)=32 kN/m?2, v,=18 kN/m3, De
1 m, B=1.5 m, and Z=3 m. Plot the variation of ay, with H/B.

Solution

From Eq. (4.175)

q

It
Q
(38

- 32 .
= 35 = 0.4

Q
—
Q

1

From Fig. 4.69, for qz/q1=0.4, ca/c1=0.9. So
e, = 0.9(80) = 72 kN/m?

Now, from Eq. (4.174)
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Figure 4.68. Design chart for determination of Kg--stronger sand
overlying weaker sand (after Hanna, 1981).

B
[“0'2(53]011‘%(1) tYpD¢

[1+(o.2)(-1-§-5-)] (80)(5.14) + (18)(1) = 470.32 kN/m?2

e
~+
It

]

With ss=1, Eq. (4.173) yields

&K
[}
i

2¢_H
[1*0'2(%)]021‘%(2) + (1 %)<7a—) MRSTY;

(1+0.1) (32)(5.14) + (1.5)[(2)(32)(%)] + (18) (1)

n

198.93 + 96(%)

Note that qu=198.93+96(H/B) gives a straight line variation. In
order to determine the value of #/B at which 9, is equal to Ais
we set
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Figure 4.69.

Variation of ¢ /c1 with qz/ql-—Eq. (4.173) (after

Meyerhof and Hanna, 1978).
9y (kN/m?2)
4
Load
600 }—
T ‘:i:: 1.5 m
1m 7 x 3
\\ g\ 400 —
Strong clay
v1=18 kN/m3
H $1=0 200
v ¢1=80 kN/m2
. ) ..W.ealé.cla').f~
Y,=16 kN/m3" 0 l | 1 »
$2=0 0 1 2 3
GZ=.7)Z kN/m2 H/B
(a) (b)

Figure 4.70.
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q, = 470.32 kN/m? = 198.93+96(§)

So, H/B=2.83

Figure 4.70b shows the variation of 94 with #/B.

Weaker Soil Underlain by a Stronger Soil

In general, when a foundation is supported by a weaker soil
layer which is underlain by a stronger soil at a shallow depth at
shown in the left-hand side of Fig. 4.7la, the failure surface at
ultimate load will pass through both soil layers. However, when
the magnitude of # is relative large compared to the width of the
foundation B, the failure surface at ultimate load will be fully
located in the weaker soil layer (see the right-hand side of Fig.

4,.71a).

For estimation of the ultimate bearing capacity of such
foundations, Meyerhof (1974} and Meyerhof and Hanna (1978) have
proposed the following semiempirical relationship

H \?
ay = ¢ * (gu-qy) 1-§; 2 qy

(4.176)

where He = depth of failure beneath the footing in the thick bed of
the upper weak soil layer
9; = ultimate bearing capacity of the foundation in the thick
bed of the upper soil layer
qp = ultimate bearing capacity of the foundation in the thick
bed of the lower soil layer
So
= L
e = e fomytesy T P M gs ) T Ty () ys )y 417D
and
= L
W 7 fMe@)es2) T 2Peqrtas2) T BBy o)y g (4H1TH)

where Nc(l)’Nq(l)’Ny(l)

¥e2yrMq(2) Ty 2)

= bearing capacity factors corresponding to

the soil friction angle ¢1

= bearing capacity factors corresponding to

the soil friction angle ¢

Mes (1) qs (1) Mys (1)

Yes(2)22qs (2 Mys (2)

Equations (4.176), (4.

and minimum limits of ¢y are g} and g¢, respectively (Fig. 4.71b).

= shape factors

soil friction

= shape factors

soil friction

corresponding to the
angle ¢q
corresponding to the
angle ¢2

177), and (4.178) imply that the maximum
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Figure 4.71.

(a) Foundation on weaker soil layer underlain by
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stronger soil layer; (b) Nature of variation of g, with #/B [Eq.

4.176)1.
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The magnitude of Hf/B varies from one for loose sand and clay to
about 2 for dense sands (Meyerhof and Hanna, 1978). The author has
conducted several laboratory model tests and found that a better

approximation is obtained by modifying Eq. (4.176) as

g .18
qy = q¢ *lapma ) =75 =9t (4.179)
Based on several laboratory model tests, Hanna (1982) has pro-

posed the following relationships for estimation of the ultimate

bearing capacity 9y for a foundation resting on a weak sand layer

underlain by a strong sand layer

= i * * 1
9 = 1PNy ) P YiPergsTam) S 2 2Phys )Yy (2

+ DA N 4.180
"1P5%qs (2)%q(2) (4.180)
where Ny(Z)’Nq(Z) = Meyerhof's bearing capacity factors with refer-
ence to the soil friction angle ¢2 (Tables 4.3

and 4.5)

Ays(Z)’Aqs(Z) = Meyerhof's shape factors (Table 4.4)

= 1+o.1(§)tan2(45+¢2/2)

NY(m)’Nq(m) = modified bearing capacity factors
* = e
Ays’xqs modified shape factors

The modified bearing capacity factors can be obtained as follows

= H

Tyomy = Pyezy - [Hf(Y)][Ny(z)'NY(l)] (4.181)
= H

fam " M) 7 [Hf(q)][Nq(Z)'”q(l)] (4.182)

where NY(l)’Nq(l) = Meyerhof's bearing capacity factors with refer-
ence to soil friction angle ¢q (Tables 4.3 and
4.5)

The variation of Hf(Y) and Hf(q) with ¢1 is shown in Fig. 4.72.

The relationships for the modified shape factors are the same as
given in Eqs. (4.123) and (4.124). The term my {Eq. (4.123)] can
be determined from Fig. 4.51a by substituting Hf(q)/B for D'/B

and ¢1 for ¢. Similarly, the term my [Eq. (4.124)] can be obtained
from Fig. 4.51b by substituting Hf(Y)/B for p'/B and ¢, for ¢.
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Figure 4,72, Variation of # /B and H /B with ¢, for use in
Eqs. (4.181) and (4.182). (@) £0v) 1

Example 4.10. A shallow foundation is shown in Fig. 4.73. Use
Hanna's theory (1982) (Eq. (4.180)] and determine the ultimate

bearing capacity 9y-

Sand

0.8 m \\\\, v1=16.5 kN/m3
N $1=35°
Jf ANV
8
¢ 0 -

Sand -
Y2=18.5 kN/m3

¢2=45°
02=0

Figure 4.73.
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Solution
H=0.5 m, $;=35°, ¢,=45°

From Fig. 4.72, for ¢1=35°

H H
) - g0, £l g9
B ’ B
So, Hf(y)=2'0 m, and Hf(q)=3.8 m. From Table 4.3 for ¢l=35° and

$,745°, W, (1y=33.30 and ¥
for ¢1=35° and ¢2=45°, N
(4.181) and (4.182)

q(2)=134.88. Similarly, from Table 4.5
=37. =262.7. i .
v (1) 37.1 and Ny(Z) 62.7 Using Eqgs

~ 0.5 _ .
Ho(my = 262.7 - (=) (262.7-57.1) = 206.3

_ 0.5 -
Wy(my = 134.88 - (3) (133.88-35.3) = 121.5

From Eq. (4.180)

= L * *
9y 2YlBAysNy(m) * Ylpfxquq(m)

From Eqs. (4.123) and (4.124) (Note: H/B=0.5/2=0.25 and ¢1=35°)

B 2
Mg = Lemy(p) = 1-0.73() = 0.27
and
B 2 _
Mg = lemy(p) = 1-0.72(3) ~ 0.28
So
9y = (0.5)(16.5)(2)(0.28)(206.3) + (16.5)(0.8)(0.27)(121.5)
= 953,1 + 433 = 1,386 kN/m2
CHECK
- = L
= 9 T TP s ¥y 2) T YiPelgs2)Tq(2)
_ _ B 2
Moy(2) T tsqrzy T 1¥0-1(F)tan?(45+6,/2)
So

q, = (0.5)(18.5)(2)(1.583)(262.7) + (16.5)(0.8)(1.583)(134.88)

7,693.3 + 2,818.4 = 10,511.7 kN/m?

Hence, ¢ = 1,386 kN/m?
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4 .14 CONTINUOUS FOUNDATION ON WEAK CLAY WITH A GRANULAR TRENCH

At the present time, there are several techniques used to im-
prove the load bearing capacity and settlement of foundations on
weak compressible soil layers. One of those techniques is the use
of a granular trench under the foundation. Figure 4.74 shows a
continuous rough foundation on a weak soil extending to a great
depth with a granular trench. The width of the trench is equal to
W and the width of the foundation is equal to B. The height of the
trench is H. The width of the trench ¥ can be smaller or larger
than B. The parameters of the stronger trench material and the
weak soil for bearing capacity calculation are as follows:

Trench Weak

material soil
Angle of friction bq ¢,
Cohesion eq e,
Unit weight Y1 Yo

Madhav and Vitkar (1978) have assumed a general failure mechanism
in the soil under the foundation to analyze the ultimate bearing

Weak soil

. Granular g}
trench -

Figure 4.74, Continuous rough foundation on a weak soil with a
granular trench.
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capacity of the foundation by using the upper bound limit analysis
as suggested by Drucker and Prager (1952). This is shown in Fig.
4.74. The failure zone in soil can be divided into subzones, and

they are as follows:

1. An active Rankine zone 4BC with a wedge angle of ¢
2. A mixed transition zone such as BCD bounded by angle 6.
CD is the arc of a log spiral defined by the equation

p o= roeetan¢1

where ¢1 = angle of friction of the trench material
3. A transition zone such as BDF with a central angle 62. DF
is an arc of a log spiral defined by the equation

P o= roeetan¢2

where ¢, = angle of friction of the weak soil
4. A Rankine passive zone like BFH.

Note that 61 and 92 are functions of ¢, n, W/B, and ¢1.

By using the upper bound limit analysis theorem, Madhav and
Vitkar (1978) have expressed the ultimate bearing capacity of the
foundation as

Y,B
9y = cZNC(T) + DfYZNq(T) A W NY(T) (4.183)

where ¥ = bearing capacity factors with the pres-

c(m)* My (my*Yq(m)
ence of the trench

The variations of the bearing capacity factors [that is, Nc(T)’

N N
y(ry» 24 Yq(m) 112
saturated clay (total stress condition; ¢2=0 and c2=cu) as deter-

mined by Madhav and Vitkar (1978) are given in Fig. 4.75a, b, and

1 for purely granular trench soil (cl=0) and soft

c. The values of ¥ ) given in Fig. 4.75c are for yl/yz=1. In

an actual case, theY£Ztio Yl/Y2 may be different than one. However
the error with this assumption is less than 10%.

At the present time, sufficient experimental results are not
available in the literature to verify the above-mentioned theory of
Madhav and Vitkar. Hamed, Das, and Echelberger (1986) have con-
ducted several laboratory model tests to determine the variation of
the ultimate bearing capacity of a strip foundation resting on a
granular trench (sand; cl=0) made in a saturated soft clay medium
(cz=cu; ¢2=0). For these tests, the width of the foundation B was
kept equal to the width of the trench W. For these tests, the
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Figure 4,75, Madhav and Vitkar's bearing capacity factors——NC(T),
Taeryr # By (my-

ratio of H/B=H/W was varied. Figures 4.76 and 4.77 show the varia-
tion of the experimental q, with #/B. In both cases, the experi-
mental ultimate bearing capacity increases with F/B up to a maximum
value and remains practically constant thereafter. The theoretical
values of q, as calculated by using Eq. (4.183) and Fig. 4.75a, b,
and ¢ are also shown in Figs. 4.76 and 4.77. From this comparison,

the following major conclusions can be drawn:

1. Madhav and Vitkar's theory (1978) yields a higher and un-
safe value of y compared to the experimental maximum value of 9y
2. The minimum height #Z of the granular trench necessary to

obtain the maximum value of a9y is about 3B.

Since Eq. (4.183) yields unsafe values of the ultimate bearing
capacity, Hamed, Das, and Echelberger (1986) have suggested a ten-
tative procedure for estimation of the maximum 94 (for cl=0, c,=c
¢2=0, and B=W). This can be explained by referring to Fig. 4.78
in which 4 and B are two soil elements. For soil element A4, the

u
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major principal stress is Or» and the minor principal stress is

Orrr- S°
op =9, = Kp(l)OIII (4.184)
where X (1) ~ Rankine passive earth pressure coefficient
= tan2(45+¢1/2)

For soil element B, the major principal stress is oy and the

minor principal stress is og. However

93 7 YpPg
and
°1 7 %) T P (2)
where X (2) = Rankine passive earth pressure coefficient

n

tan2(45+¢2/2)

For the present case, ¢2=O, S0 Kp(2)=1. Hence

oy = 03+Zcu = YpDe * 20u (4.185)
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Again, referring to Fig. 4.78, it can be seen that at failure

(which is of the bulging type)

91 T 9111 (4.186)
Now, combining Eqs. (4.184), (4.185), and (4.186)
ay © Kp(l)(YZDf+zcu)
(v,Dg+2e,)tan? (45+9,/2) (4.187)

With proper parameters, the ultimate bearing capacity calcu-
lated by using Eq. (4.187) has also been shown in Figs. 4.76 and
4.77. The comparision shows that the theoretical ¢, [Eq. (4.187)]
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Figure 4,76, Ultimate bearing capacity of continuous foundation on
soft clay with a granular trench. (Note: B=W, ¢1=40°, cz=cu=210

1b/ft2.)

is equal to or somewhat less than the experimental qu(max)

4 .15 SHALLOW FOUNDATIONS ABOVE VOIDS

Under many circumstances, mining operations may leave under-
ground voids at relatively shallow depths. Also in some instances,
soluble bedrock dissolves at the interface of the soil and the bed-
rock leaving void spaces. Estimation of the ultimate bearing capa-
city of shallow foundations constructed over these voids, as well
as stability, are gradually becoming important issues, Only a few
studies have been reported in published literature so far. Baus
and Wang (1983) have reported some experimental results for the ul-
timate bearing capacity of shallow rough continucus foundations
located above voids as shown in Fig. 4.79. In this figure, it is
assumed that the top of the rectangular void is located at a depth

H below the bottom of the foundation. The void is continuous and
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Figure 4.77. Ultimate bearing capacity of continuous foundation on
soft clay with granular trench. (Note: B=W, ¢=43°, cz=cu=210
1b/ft2.)

Figure 4.78. Derivation of Eq. (4.187).

has a cross-sectional dimension of W'xHF'. The laboratory model
tests of Baus and Wang (1983) were conducted with a soil having the

following properties.

13.5°
65.6 kN/m?

Friction angle of soil, ¢

Cohesion
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e

4 T X%

Figure 4,79, Shallow continuous rough foundation over a void.

Modulus in compression = 4,670 kN/m?
10,380 kN/m?2
Poisson's ratio = 0.28

18.42 kN/m3

Modulus in tension

Unit weight of compaction, ¥y

The results of their model tests are shown in a nondimensional form
in Fig. 4.80. Note that the results of the tests which constitute
Fig. 4.80 are for the case of D¢=0. From this figure, the follow-

ing conclusions can be drawn:

1. For a given H/B, the ultimate bearing capacity decreases
with the increase of the void width W'.

2. For any given W'/B, there is a critical H#/B ratio beyond
which the void has no effect. For W'/B=10, the value of the criti-
cal /B is about 12,

Baus and Wang (1983) have conducted finite element analyses to
compare the validity of their experimental findings. For the fin-
ite element analysis, the soil was treated as an elastic-perfectly
plastic material. It was also assumed that, in the elastic range,
Hooke's law is void, and in the perfectly plastic range the soil

follows the von Mises yield criterion, or
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Figure 4.80. Experimental bearing capacity of a strip footing

function of void size and location (after Baus

= alfy + /7; = k'
and
F=0
where f = yield function
tan
o =
(9+12tang) 0>
L o= 3e
(9+12tan¢)0-5
I1 = first stress invariant
Jy = second stress invariant

The relationships as shown in Eqs. (4.190) and

and Wang, 1983).

(4.

(4.

(4.

(4.
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as a

188)

189)

190)

191)

(4.191) are based on
the study of Drucker and Prager (1952). The results of the finite
element analysis have shown good agreement with experiments.

4.16 INTERFERENCE OF SHALLOW CONTINUOUS FOUNDATIONS IN GRANULAR

SOIL

In some of the earlier sections of this chapter, theories re-

lating to the ultimate bearing capacity of single rough foundations
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resting in a homogeneous soil medium extending to a great depth
have been discussed in some detail. However, if foundations are
placed close to each other on similar soil conditions, the ultimate
bearing capacity of each foundation may decrease due to the inter-
ference effect of the failure surface in the soil. This fact has
been theoretically investigated by Stuart (1962). The results of
this study will be summarized in this section.

Stuart (1962) assumed that the geometry of the rupture surface
in the soil mass as assumed by Terzaghi and shown in Fig. 4.6 is
correct. According to Stuart, the following conditions may arise
(Fig. 4.81).

Case 1 (Fig. 4.8la):

If the center-to-center spacing of the two foundations is L2450
the rupture surface in the soil under each foundation will not
overlap., So the ultimate bearing capacity of each continuous foun-

dation can be given by Terzaghi's equation [Eq. (4.31)]. For e=0

= 1
94 gN_ + TYBNY (4.192)

q

where N _,N

q Ty = Terzaghi's bearing capacity factors (Table 4.1}

Case 2 (Fig. 4.81b):

If the center-to-center spacing of the two foundations (x=x2<
xl) are such that the Rankine passive zones just overlap, then the
magnitude of 9y will still be given by Eq. (4.192). However, the
foundation settlement at ultimate load will change (as compared to
the case of an isolated foundation).

Case 3 (Fig. 4.81c):

This is the case where the center-to-center spacing of the
two continuous foundations 1is L=L <L, Note that the triangular
wedges in the soil under the foundation make angles of 180°-2¢ at
points dl and dz. The arcs of the logarithmic spirals dlgl and dle
are tangent to each other at point dl. Similarly, the arcs of the
logarithmic spirals ngZ and dy,e are tangent to each other at point
d,. For this case, the ultimate bearing capacity of each founda-
tion can be given as (¢=0)

+ Lyw
Ly * RYEN L (4.193)

= gl
Tu T 1%%q
= e

where gq,cY fficiency ratios
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Figure 4.81. (Continued).
The efficiency ratios are functions of xz/B and the soil friction
angle ¢. The theoretical variations of Cq and CY are given in

Figs. 4.82 and 4.83.

Case 4 (Fig. 4.81d):

If the spacing of the foundations is further reduced such that
T=x <a g, blocking will occur. The pair of foundations will act as a
single foundation. The soil between the individual units forms an
inverted arch which travels down with the foundations as the load
is applied. When the two foundations touch, the zone of arching
disappears and the system behaves as a single foundation with a
width equal to 2B. The ultimate bearing capacity for this case
can be given by Eq. (4.192).
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Figure 4.83.
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Das and Larbi-Cherif (1983) conducted several laboratory model
tests to determine the interference efficiency ratios (cq andch)
of two rough continuous foundations resting on sand extending to a
great depth. The sand used in the model tests was highly angular,
and the tests were conducted at a relative density of about 60%.
The angle of friction ¢ at this relative density of compaction was
39°. The load-displacement curves obtained from the model tests
were of local shear type. The experimental variations of Eq and CY
obtained from these tests are given in Figs. 4.84 and 4.85. From
these figures, it may be seen that although the general trend of
the experimental efficiency ratio variations are similar to those
predicted by theory, there is a large variation in the magnitudes
between the theory and the experimental results. Figure 4.86 shows
the experimental variation of Se/B with /B (at ultimate load).

The elastic settlement of the foundations decreases with the in-
crease of the center-to-center spacing of the foundation and re-
mains constant for x>about 4B,

4.17 FOUNDATION SETTLEMENT

It has been pointed out in Section 4.1 that, in the design of
a foundation with required functional capability, one must ensure
that the bearing capacity failure does not take place (that is, a

proper factor of safety FS is used over the ultimate bearing capa-

city to arrive at the allowable bearing capacity). In addition, it
2.0 , I 1
/ Theory--
’ Stuart (1963)
1.5 //A\\, ///—
/
/
’ \j::=_<:F ~—
- -
L 1.0 N,—‘
|95g k | Experiment--Das §
P Larbi-Cherif (1983)
-~
-
0.5.‘
0
1 2 3 4 5 6
x/B

Figure 4.84, Comparison of experimental and theoretical Zq-
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Figure 4.86, Variation of experimental elastic settlement (Se/B)
with center-to-center spacing of two continuous rough foundations.
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will be necessary to ensure that the settlement of the foundation
is within the allowable limits. The total settlement of the foun-

dation S can be given as

5=5,+ 5, (4.194)

where Se = elastic settlement

S
c

consolidation settlement

n

In this section, we will briefly discuss the procedures for
the evaluation of elastic settlement of foundations at allowable
load. For foundations in clay (¢=0) extending to a great depth,
let us consider the two square foundations with widths By and By,
respectively (BZ>Bl). All other conditions remaining the same, the
load will be of the nature shown in Fig. 4.87. This figures im-
plies that

qu(Bl) = qu(Bz) (4.195)

where ¢ = ultimate bearing capacity of foundations with

u(By)*%u(B,) :
widths B; and B,, respectively

Load per
unit area
Se(Bl)
Se(5,)
0)0)
5
(O3 =] //
i _5 7
0+ B_Bz
©
— QO
Mo g

Figure 4.,87. Nature of elastic settlement variation of two founda-
tions in clay.,
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However
By
Seu(Bl) = Seu(B2)<EI> (4.196)
where Seu(Bl)’Seu(Bz) = elastic settlements of foundations with

widths By and By, respectively, at ultimate
load

In a similar manner, for a given load intensity (q<qu) on the foun-
dation
By
s = S = (4.197)
e(BZ) e(B1)<Bl>

Other conditions remaining the same, if the same two founda-
tions are supported by a sand, then the load per unit area of the
foundation g versus elastic settlement diagrams will be of the na-
ture shown in Fig. 4.88. For this case

B,
%,) * Tue;) <§I> (4.198)

and

Load per
unit area
I »
|qu(Bz)
s |
e(By) |
I
s |
eu(Bl) :
!
I
]
|
|
NJ
Seu(Bz) j
rd
B—BZ
v
Elastic

settlement Se

Figure 4.88. Nature of elastic settlement variation of two founda-
tions in sand.
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B,\2 /3.288,+1Y
Seu(,)  feu(s)) (FI> (ztjggIrT) (4.199)

where B is in meters [Eq. (4.199)]

Also, for a given load intensity gq (<qu) on the foundation

By\* £3.28B,+1\?
e (8,) T fe(m)) T <’é’1'> KPR EPED (4.200)

where B is in meters {[Eq. (4.200)]

The above relationships for load intensity ¢ and elastic set-
tlement Se show that, in any soil, for a given allowable load in-
tensity the level of settlement increases with the increase of the
foundation width. So for smaller foundations (that is, smaller B),
the ultimate bearing capacity may be the controlling factor. On
the other hand, design of foundations having a larger B may be con-
trolled by settlement criteria,

The elastic settlement calculations of foundations are, on
many occasions, done by using the theory of elasticity. This is
primarily based on Boussinesq's theory (1883). According to this
theory, if a point load @ is located at the surface of a homogene-
ous semi-infinite medium (Fig. 4.89a), then the increase of verti-
cal stress g, at a point 4 (x,y,z) can be given as

1) 73

o, = 3= f;?:;?:;?}?;ﬁ? (4.201)
The vertical settlement at that point due to the stress increases
can be given as

- 91+ [ 22 2(1-1)
5 - . (4.202
e Z E (z2+y2+52)3/2  (g2+y2+22)1/2 )

where u = Poisson's ratio
E = modulus of elasticity

Now let us consider a flexible foundation having a width B and
length L as shown in Fig. 4.89b. The foundation is subjected to an
allowable load intensity g. The settlement at a point 4 below the
center of the foundation due to the load on the foundation can be
determined in the following manner. Consider an elementary area
dA=dzdy on the foundation. The total load on the elementary area
can be given as

dQ = qdA = qdxdy (4.203)
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|
I
l
!
y l
49 (z,y,2)

(a)

2 '
/iJ I l ;Z/ZT .
EENDAr 1V
—1/2 L/ 2%
Y
4 Q(0,0,z)
(b)

Figure 4.89. (a) Stress and settlement at a point due to a point
load on the surface of an elastic, semi-infinite medium; (b) Calcu-
lation of elastic settlement below a rectangular foundation.
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The load d@ can be treated as an elementary point load, and the
vertical settlement at point A due to the load d@ can be determined
by substituting 4@ for @ in Eq. (4.202), or

dzd 22 2(1-y)
as, = 4552 * (4.204
e TE [(x2+y2+22)3/2 (@2+y2+52)1/2 J

So, the elastic settlement at point 4 due to the entire foundation

load can be expressed as

+B/2 +L/2
= s = QTT_JL —_—
f e y—j f TE [(x2+y2+22)3/2
-B/2 -L/Z
b 2d-w) (4.205)
V(x2+y2+22)1/2 .
The solution to the preceding equation can be given as (Harr, 1966)
B 1-

So = Z(1-u2)[a;- (15244, (4.206)

1+m2+n2-m 1+m2+n2-1

[Tim2em2 NETE Y
where 4; = %{ u1<._iiﬂ_iﬁ_:ﬁ>+m1.zn<__£iﬁ_iﬂ_il> } (4.207)

= -1 m
A, = — tan — 4,208
2 T (\/1+m2+n2> ( )

L

m=z (4.209)
2

n = EE (4.210)

For settlement immediately below the center of the foundation,

0. So AZ=O. Hence (Fig. 4.90)

2

BA

I 2
Se(center) = 7 —{1-u%) (4.211)

The average elastic settlement S for a flexible foundation

(2=0) can be given as e (av)
BA
Se(av) —Llav) (52 (4.212)

In a similar manner, the elastic settlement for a rigid foundation

Se(R) (Fig. 4.91) can be expressed as (z=0)

BA

Sery T é(R)(l-Uz) (4.213)
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e(center)

Figure 4,90, Elastic settlement below a flexible foundation.

Figure 4.91. Elastic settlment below a rigid roundation.

The variation of Al’ Al(av)’ and Al(R) for calculation of founda-
tion settlement (z=0) is given in Fig. 4.92,

Several empirical correlations for estimation of settlement of
foundations on sand have been proposed by various investigators,
Some of these are given below.

1, 1In 1956, Myerhof proposed the following empirical rela-
tionship for the allowable bearing capacity for a maximum founda-
tion settlement of 1 in, (25.4 mm) (based on several field observa-

tions)

. N
4,7, (kip/ft?) = 7  (for B4 ft) (4.214)

and
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3.0
2.5
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1
= / y
i
< 2.0 - ]
: | ::/’///////’////
N
- // 1w
—
~ 1.5
= /
< /
1.0 ;///
0.5
0 2 4 6 8 10
m=L/B
Figure 4.92. Variation of Al’Al(av)’and Al(R) with L/B.
2
g,y (kip/ft?) = E&h (for B>4 ft) (4.215)

where N = standard penetration resistance

2. Schultze and Sherif (1973) have analyzed some field test
results., According to their analysis

s, = qVF (4.216)

where ¢ = load per unit area of the foundation

3. Based on the study of Schultze and Sherif (1973), Meyerhof
(1974) has suggested the following relationships for estimation of
elastic settlement of foundations in granular soil

Se = %%E (for sand and gravel) (4.217)
Se = Q%E (for silty sand) (4.218)

where Se is in inches, ¢ is in ton/ft?
N = standard penetration number

4. Hettler (1981) investigated the settlment of small-scale
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footings on sand and presented a relation as

8 1.63
e
5 c(%g) (4.219)

where ¢ = a constant which is a function of the relative density

¥

unit weight of sand

5. Zolkov (1974) has considered the effect of relative den-
sity on the elastic settlement of the foundation. According to him

S (m)
S = (0.527x1078) (105-D.)VE (m)  (for 45%<D <85%)
g (kN/m?2)

where D, = relative density

The readers are also referred to the semitheoretical procedure
commonly referred to as the strain-influence factor method proposed
by Schmertmann (1970) and Schmertmann and Hartman (1978) for cal-
culation of elastic settlment of foundations on granular soil.
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CHAPTER 5

Slope Stability

5.1 INTRODUCTION

Slope failure is defined as the failure of a soil mass forming
a slope by downward and/or outward movement. Some existing slopes
which have been stable for some time can experience failure due to
various reasons, such as occurrence of earthquakes, increased load-
ing on a slope at or close to its crest, removal of earth from the
face of a slope to make it steeper, removal of earth close to the
toe of a slope, gradual disintegration of the soil forming a slope,
and increase of pore water pressure in the soil forming the slope.
The analysis of the stability of a slope or the evaluation of
the factor of safety against slope failure needs a thorough know-
ledge of the shear strength parameters of the soil. In this chap-
ter, it will be assumed that the readers are acquainted with them.
Due to the scope and limitations of this text, only the sta-
bility of simple finite slopes will be considered in this chapter.
Figure 5.1 shows a simple finite slope in which the ground

Figure 5.1, Simple finite slope.
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surface is horizontal at its foot and at its top. In order to ana-
lyze the stability of this type of slope, the critical failure sur-
face has been assumed by various investigators to be a plane, an
are of a eircle, or an arc of a logarithmic spiral. Culmann's
analysis (1866) for the stability of a simple finite slope is based
on the assumption that the critical surface of possible sliding is
a plane. This type of analysis has been discussed in Section 5.3.
Although this method is simple, it gives good results only for the
case where the slope is nearly vertical.

Around 1920, several investigations of slope failures were ob-
served by a Swedish Geotechnical Commission. Based on their find-
ings, this commission recommended that the failure surface of
slopes can be approximated to be an arc of a circle. Figure 5.2
shows the various types of failure modes of a slope with the fail-

Firm base

Figure 5.2. (a) Toe failure; (b) Slope failure; and (c) base
failure.

ure surface being an arc of a circle. They are: (a) toe failure,

(b) slope failure, and (c) base failure. In the case of toe
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failure, the failure surface passes through the toe of the slope.
When the failure surface intersects the face of the slope, it is
generally referred to as slope failure. However, if the soil be-
neath the toe cannot sustain the weight of the soil above 1t, the
failure circle will pass under the toe of the slope and will inter-
sect the ground surface at some point beyond the toe of the slope.
This is referred to as base failure. Fellenius (1927) has shown
that, for purely cohesive soils (¢=0), the center of the critical
circle for base failure will be located along a vertical line pass-
ing through the midpoint of the slope (point M in Fig. 5.2c).
Several investigators have used the concept of the critical
failure surface of a slope to be an are of a logarithmic spiral.
Spencer (1969) has shown that, for homogeneous slopes, the circular
arc assumption is more critical than the assumption of the arc of a
logarithmic spiral. However, Chen (1970) has suggested that both

types of assumptions are equally correct.

5.2 FACTOR OF SAFETY--DEFINITION

The factor of safety with respect to strength along a surface
of sliding can be defined as

FS = sg/1T (5.1)

where s = shear strength of the soil

T = sheur stress developed

The shear strength and shear stress can be given by the fol-
lowing relationships

s e+ o'tang (5.2)

and
T = cd+~0'tan¢d (5.3)
where ¢, eq = cohesion and developed cohesion, respectively
o! = effective normal stress

¢, ¢d = angle of friction and developed angle of friction,

respectively
So

e +o'tan¢

Fs = s ¥oTtans; (5.4)

Other definitions for the factor of safety frequently used are
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F, = e/cd (5.5)
and
_ tan¢
Fo 7 Tanog (5.6)

where F. = factor of safety with respect to cohesion

F¢ = factor of safety with respect to friction
The concepts of Foy Fos and F¢ can be explained by means of Fig.
5.3. At a given point on the trial failure surface, let the normal

Shear stress T

— o —l

Figure 5.3. Definitions of Fo, F

o and F¢.

effective stress be equal to cé=0D and the shear stress be T
Then, at that point

_ DG
Fs = Dz
_ FG
FQ_FE
_ DF
F¢ " DE-FG

It can be seen that when F is equal to F¢ it will also be equal
to FS, or

FC = F¢ = FS
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In all practical cases, the magnitude of Fg expressed is the aver-
age value of the factor of safety along the entire potential slip

surface.

5.3 STABILITY OF FINITE SLOPES (c-¢ SOIL)-~PLANE FAILURE SURFACE

For determination of the factor of safety of finite slopes,
Culmann (1866) assumed that the critical failure surface may be
taken as a plane passing through the toe of a slope as shown in
Fig. 5.4. 1In order to derive the relationship by Culmann's method,

Cfl
90-86
1%
F
6-¢d
(a) (b)

Figure 5.4. Stability of finite slope--plane failure surface.

let us consider a trial failure wedge ABC as shown in Fig. 5.4a.
The forces acting on the sliding wedge (per unit length of the

wedge at right angles to the cross section shown) are as follows

1. The weight of the wedge, W.--Based on the geometry of the

slope
_ 1 H .
v = dvx[— sin(g-0)] 5.7
where X = length of BC
Y = unit weight of soil

2. The force, ¢'.--This is the contribution of the cohesion.

This force acts parallel to the plane BC. Thus

c’ X (5.8)

= ey
where eq = developed cohesion

3. The force, F.--This is the resultant of normal and shear
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forces (frictional components) acting on the plane BC. This force

will be inclined at an angle ¢d to the normal drawn to BC.

Figure 5.4b shows the force triangle for the equilibrium of
the wedge. From the force triangle, by using the law of sines, we

can write

c! _ Sin(e"d)d)
o cos&d (5.9)

Now, combining Eqs. (5.7), (5.8), and (5.9)

eq¥sing sin(6-¢4)

%YXH[sin(B—G)] COS¢d

or

7 © 2cos¢ Sinf (5.10)

¢4 sin(B—e)sin(e—¢d)
H

The most critical plane for failure will be the plane for
which eq will be maximum, or

a(cd/YH)
—— = 0 (5.11)

The preceding equation yields

8 = 0., = %(3+¢d) (5.12)

Substitution of Eq. (5.12) into Eq. (5.10) yields

Yoy . 4sin8cos¢d (5.13)
ey S I-cosie-¢d .

where vy = stability number

Based on Eq. (5.13), the values of the stability number for
various values of B and ¢d are given in Table 5.1.

The maximum height (Hcr) of the slope for critical equilibrium
can be calculated by substituting ¢ for ¢d and ¢ for eq in Eq.
(5.13), or

_ 4c| sinBcos¢
fer = r[mw] (5.14)

Slope With Water in Tensile Crack
In many cases, tensile cracks develop at the top of a slope.

The cracks are filled with water as shown in Fig. 5.5. The
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Table 5.1. Stability Numbers Based on Culmann's
Analysis [Eq. (5.13)]

Slope Stability Slope Stability
angle B8 LF] number g angle B8 LE] number g
(deg) (deg) (deg) (deg)
10 0 45.72 50 15 16.37
5 181.84 20 21.49
25 29.64
15 0 30.38 30 44,00
5 67.89
10 267.93 60 0 6.93
5 8.09
20 0 22.69 10 9.55
5 40.00 15 11.42
10 88.68 20 13.91
15 347,27 25 17.36
30 22.39
25 0 18.04
5 27.92 70 0 5.71
10 48,86 5 6.49
15 107.48 10 7.40
20 417.45 15 8.51
20 9.89
30 0 14.93 25 11.63
5 21.27 30 13.91
10 32.66
15 56.70 80 0 4.77
20 123.71 5 5.29
25 476,34 10 5.90
15 6.59
40 0 10.99 20 7.40
5 14.16 25 8.37
10 18.90 30 9.55
15 26.51
20 40.06 90 0 4.00
25 68.39 5 4,37
30 146.57 10 4.77
15 5.21
50 0 8.58 20 5.71
5 10.42 25 6.28
10 12.89 30 6.93

stability of the slope for such a case can be determined in the
following manner.

Let the depth of the crack be equal to 2. and the depth of
water in the crack be equal to z;. Due to the water in the crack,
let there be a linear distribution of pore water pressure varying
from 2.y, to zero along a trial failure surface 4B as shown in Fig.
5.5 (yw=unit weight of water). So, the forces per unit length
acting on the trial wedge ABCD are as follows

1. W--Weight (total) of the wedge
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2.
3.

However

Y,

where X

So

)

5.

Ul-—Force due to water in the crack

UZ—-Force due to pore water pressure along 4B

Slopes with water in tensile crack.

1
ZYWZCX

AB

(H—zc)cosece

1
EywzC(H—zc)cosece
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The sum of the components (F) of the above forces parallel to
AB will tend to slide the wedge, or

F =

¥sint + Ulcose

The maximum resisting force which can be developed along AB is

R =

cX-*(Wcose—UlsinG—Uz)tan¢

The factor of safety with respect to strength can then be

given as

]

eX+ (Wcose—Ulsine-Uz)tan¢

Ws1ing +U1cose

(5.15)
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The magnitude of F for various trial wedges can be calculated
by varying the value of 6. The minimum value of Fg is the factor
of safety of the slope with respect to strength.

Example 5.1, For a given slope, given H=21 m, =25 kN/m?, y=16.5
kN/m3, ¢=25°, and B=30°. Determine F.. Use Eq. (5.13).

Solution
From Eq. (5.13)

iig sinBcos¢d
Y I'COSKB“‘bd;

H =

Now the following table can be prepared.

Assumed Fs cd=%- ¢d=tan'1(t;n9) o
S s Eq. (5.13)

2 12.5 13.12 34.23
2.5 10 10.57 21.28%

*Actual height is 21 m. So
FS = 2.5

STABILITY ANALYSIS WITH CURVED FAILURE SURFACE
5.4 STABILITY OF CLAY SLOPES (¢=0 CONDITICN)

The factor of safety of a slope along a circular failure sur-
face may be determined as
Resisting moment per unit length, M.

F o= (5.16)
Disturbing moment per unit length, My

Referring to Fig. 5.6, 4B is a slope making an angle B with
the horizontal. The undrained shear strength of the soil consti-

tuting the slope can be given as

s = ¢ (5.17)

The point 01 is the center of a trial cirele with a radius R. (D
is the circular trial failure arc. The force resisting the slope
from sliding is due to the undrained cohesion along the triaql fail-
ure surface. So, the magnitude of the resisting force will be
equal to Recu. Hence the resisting moment M, about 0, can be given
as
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Contour of
equal factor
of safety

Figure 5.6. Stability of clay slopes (¢=0 condition).

= 2
M. = R%8c (5.18)

The disturbing moment is due to the weight of the soil (W) located
above the probable failure surface ¢D. So

Md = WX (5.19)

1

where ¥ = distance between 01 and the centroid of the soil mass

located above the trial failure surface (D

Hence
R28c
u

s WX

(5.20)

The factor of safety calculated in the preceding equation is
for one trial failure surface. In order to determine the critical
failure surface along which the value of F is minimum, one has to
make several trials with centers such as 0ys O35 « - - (Fig. 5.6).
The values of F determined from such calculations can be used to
obtain contours of equal factors of safety. The minimum value of
Fg is the factor of safety of the slope against failure with re-
spect to strength. The process of obtaining the factor of safety
by the trial method just described is tedious. Taylor (1937) has
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presented the results of such analyses. The results of his study

are shown in a graphical form in Fig: 5.7. 1In this figure

90

80

70

Slope angle B (deg)

50
0.14 0.2 0.3

/N

(a)

Figure 5.7, Taylor's analysis of stability of slopes with ¢=0
concept--plot of B against l/NS.

YHcr YH
N_ = Stability number = = (5.21)
s e e
u u(d)

where cu@) - developed undrained cohesion for an actual height #

of the embankment
Depth from the top of the slope to

- _ the firm layer (Fig. 5.2c)
D Depth factor HeTght oF 51556 7 (5.22)

From Fig. 5.7, it can be seen that when the slope angle B is

less than 53°, the critical failure circle may be a slope circle,
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Figure 5.7. (Continued).

toe circle, or base failure circle (mid point circle) as shown in
Fig. 5.2. The nature of the critical failure circle will depend

on the depth factor. However when B>53°, the critical failure
eircle is a toe circle. Figure 5.8 can be used as an aid to locate
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Figure 5.8. Location of critical midpoint circle (After Terzaghi
and Peck, 1969).

the critical midpoint circle for a slope. The most critical toe
circles for slopes with B<53° can be located with the aid of Table
5.2 with reference to Fig. 5.9 (Fellenius, 1927). However, it

Table 5.2, Location of Critical Toe
Circles for B<53°¢

B8 n Y
(deg) (deg) (deg)
45 28 82
33.68 26 68.68
26.57 25 61.57
18.43 25 53.43
11.32 25 48.32

%For definition of B8, n, and ¥, refer to Fig.
5.9.

needs to be kept in mind that the critical toe circles are not ne-
cessarily the critical circles for a given slope. The centers of
critical circles which are toe circles with B>53° can be located
with the aid of Fig. 5.10.

Example 5.2. A saturated clay embankment has a height #=30 ft. A
rock layer is located at a depth of 45 ft measured from the top of
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Figure 5.9. Location of most critical toe circles for B<53°.
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Figure 5.10. Locatjon of critical circles for B>53°.
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the embankment. Given B=35°, cu=1000 1b/ft?, and y=120 1b/ft3.
Determine

a. the factor of safety against sliding F

b. the nature of the critical failure circle

Solution
Part a. Determination of factor of safety against sliding.

Given slope angle B=35°; D=45 ft/30 ft=1.5. From Fig. 5.7b,
for B=35°

. _YH 1
N = I3
S Cyay DT80
So
cu(d) (0.169)yH = (0.169)(12)(30) = 608 1b/ft?
Hence
c
u 1000 )
F,o = = = 1.64
Sl 08 ==

Part b. Determination of nature of critical failure circle.

Referring to Fig. 5.7b, it can be seen that the critical

circle is a midpoint circle.

5.5 CLAY SLOPES WITH ANISOTROPIC STRENGTH PROPERTIES (¢=0
CONDITION)

Lo (1965) has analyzed the stability of saturated clay slopes
exhibiting anisotropic strength properties. An empirical relation
for the directional variation of the undrained shear strength of
clay has been given in Chapter 4 as (Casagrande and Carrillo, 1944)

Cu(i) T Cu(n) + [cu(v)—cu(H)]coszi (5.23)

where 2 = angle that the direction of major principal stress makes
with the vertical
cu(V) = undrained cohesion with the major principal stress in the
vertical direction (Z=0)
cu(H) = undrained cohesion with the major principal stress in the
horizontal direction (£=90°)

It was also pointed out in Chapter 4 that Lo (1965) conducted sev-
eral undrained strength tests on specimens collected from the

Welland, Ontario (Canada) area. According to his study, the angle
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f between the failure plane and the major principal plane (Fig.
5.11) was about 55°. Using the results of this study, Lo has

major principal

/
stress=g
1 / ‘\f

: . Failure
}// : plane

Figure 5.11. Definition of the angle f.

conducted an analysis for the stability of slopes (¢=0 concept) for
which the depth ot the hard stratum 1s located at a great depth.
The results of this study can be explained with the aid of Fig.
5,12, in which B¢ is a trial failure with the center of the trial
circle at 0. The radius of the trial circle is equal to R.

From the geometry of Fig. 5.12, it is obvious that
. m .
i=fro-% (5.24)

According to Eq. (5.16)

M
Fo = - (5.25)

[aB

The disturbing moment per unit length of the slope, My, can be

given by the following equation

!

3
M %%—[(1-2cot28+ 3cotAcotf + 3cotacoti - 3cotacotB)

d

-6n(n+cotf- cotr+ cota)l (5.26)

wheré vy = unit weight of soil

or
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Figure 5.12, Stability of clay slope with anisotropic strength
properties (¢=0 concept).

My = %%E(Y-Z) (5.27)
where

Y = 1- 2cot?p +3coticotB +3cotacoth - 3cotacotp (5.28)

Z = bn(n+ cotB ~coti +cota) (5.29)

If the values of eu V) and Cu(H) can be taken as constants
with depth, then the resisting moment per unit length of the slope,
M, can be given by the following equation

%2
M_ =R f ¢, (8,2)RdS (5.30)
%1

Combining Eqs. (5.23), (5.24), and (5.30)

a
2
Moo= sz tey y * Ly (v)~Cu () 1602 (0 +8) }d8 (5.31)
%1
where o' = f-7m/2

The preceding equation can be integrated to yield

M. = B2[(1+k)e, (V)ou-;—(l—k)cucv)sinZoacos(Zf—ZA)] (5.32)
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where k = —2\2 (5.33)
Cu(v)

The factor of safety can be obtained by combining Egs. (5.25),
(5.27), and (5.32), or

3 cu(V)[(1+k)a+%{1-k)sinZacos(zf_ZA)]

F (5.34)
s vH sinZasin?A(¥-2)
or
s
Fo = —g— (5.35)
u (V)
where vy = stability number
(1+k)a + $(1-k)sin2acos (2f-22)
= 3[ (5.36)
sin2asin?A(¥-2)

The minimum factor of safety can now be obtained by minimizing

N with respect to o and XA, or

BNS

rrmi 0 (5.37)
and

SNS

Yol 0 (5.38)

Assuming £=55°, the solution for the stability numbers evalu-
ated in this manner are shown in Fig. 5.13. From this figure, it
may be seen that for a given value of k there exists a critical
slope angle B2B_.,. up to which the critical failure surfaces are toe
circles. However for 8<BCr the critical circles pass below the
toe. Figure 5.14 shows the minimum values of stability numbers
(Ns) for the eritical toe circleg only. Note that for B<BCr the
stability numbers shown in Fig. 5.14 are not the absolute minimum
values.

Figure 5.15 shows the variation of the nature of Ns(k) to
Ns(k=1) (that is, isotropic case) for various values of k and slope
angle B.

Example 5.3. Refer to Fig. 5.12. For the clay slope, the un-
drained shear strengths are as follows
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Figure 5.13. Variation of v with B--constant cu(V) with depth
(After Lo, 1965).

= 750 1b/ft? (constant with depth)

Cu(v)
= 525 1b/ft? (constant with depth)

%u (H)
If y=115 1b/ft®, B=75°, and the height of the slope #=25 ft, deter-
mine the factor of safety (FS).

Solution
From Eq. (5.33)
_%uH) _ 525
k=3 = 750 - 0.7
u(V)

From Fig. 5.13, for B=75° and k=0.7, the value of NS:4.4.
The factor of safety can be given as [Eq. (5.35)]

, v
s wa)so) _
Fs = —g— © %TT?%{??Tl L1>

cu(V)

Example 5.4. For the slope described in Example 5.3, determine
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S

Stability number N

3.6 l l ] |
0 20 40 60 80 90

Slope angle B (deg)

Figure 5.14. Minimum values of v for eritical toe circles only
(after Lo, 1965).

the critical height of the slope (Hcr)'
Solution
For critical height H=H . ., Fs=1‘ So
YH
cr__
e s
u(V)
or
¥seuv) _ (4.4)(750)
H = = . = 28.7 ft
cr v 115 -

5.6 STABILITY OF SLOPES IN CLAY (¢=0 CONCEPT) WITH e, INCREASING
WITH DEPTH

The analysis for stability of slopes given in Section 5.4 is
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Figure 5.15. Variation of y
depth (After Lo, 1968),

s(k)/Ns(k=l) with B--constant cu(V) with
for the condition of constant value of e, with depth. However, in

many normally consolidated clays, the undrained shear strength in-
creases with depth (Fig. 5.16); that is,

l“ e » Undrained
u(o) shear strengtb

»

Slope
1 vertical to
as horizontal

v
Depth =

Figure 5.16. Variation of undrained shear strength in normally
consolidated isotropic clay soil.
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°u T Cu(o) + ags (5.39)

In most cases, the magnitudes of ¢ can vary from zero to

200 1b/ft?, and a, may vary up to aboutugg)lb/ftz. This type of
condition will invalidate calculations made by using the graphs
given in Fig. 5.7. Koppula (1984) has made an analysis for deter-
mining the factor of safety F_ for slopes with increasing undrained
shear strength with depth. This analysis will be discussed in this
section.

Figure 5.17 shows a slope of height H with a trial failure

surface assumed to be an arc of a circle. Note that this is a toe

Figure 5.17. Analysis of slope in clay soil (¢=0 concept) with
increasing undrained shear. strength.

eirele, because the optimum critical slip surface will never be a
midpoint circle since the strength of clay increases with depth.
The disturbing moment My can be given as

3
M, = %%—(l- 2cot2B - 3cotacotPB + 3cotBcotA + 3coticota) (5.40)

d

In a similar manner, the resisting moment



364

=
H

where R

Also

c
u

Combining

=
I

Combining
F =
s

where N
s

°R

+a
g [ o rdo (5.41)
-0
B (5.42)

2sinasina

= cu(o)+ao[Rcos(A+6)—Rcos(a—A)+H] (5.43)
Eqs. (5.41), (5.42), and (5.43)
e HZq a H3
u(o) + o (o + coth - acotacoth) (5.44)

2sinZasin®) 4sinasin?a

the factor of safety

gﬁ (5.45)
Md .
Eqs. (5.40), (5.44), and (5.45), and simplifying
[C_umJ " (5.46)
YH S

= stability number

[6a+30R(u+cota—ucotqcotk)]

sin?asin?A(1-2cot?8-3cotacotB+3cotBcotA+3coticota)

(5.47a)

e +a H a H
—u(o) "o _ 1 = o (5.47b)

cu(o) ) cu(o)

The minimum value of Ns can be determined as

and

Q Q)
> =
w0

The absolute minimum values of NS thus determined are given in

Table 5.3

Example 5

.5. Refer to Fig. 5.17. Given H=10 m, tanBf=1/3; CU(O)=
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Table 5.3. Minimum Values of ¥  [Eq. (5.46)1¢

N

°R s
1H:1V 1.5H:1V  2H:1V 3H:1V 4H:1V 5H:1V  10H:1V
0.1 6.32 6.86 7.22 7.69 8.03 8.30 9.38
0.2 6.75 7.41 7.86 8.54 9.05 9.50 11.37
0.3 7.18 7.95 8.50 9.36 10.05 10.67 11.27
0.4 7.61 8.48 9.13 10.17 11.03 11.79 15.09
0.5 8.04 9.01 9.76 10.97 11.99 12.90 16.90
1.0 10.16 11.63 12.85 14.88 16.66 18.31 25.63
2.0 14.34 16.77 18.89 22.55 25.77 28.84 42.61
3.0 18.49 21.87 24,88 30.19 34.77 39.26 58.38
4.0 22.62 20.95 30.80 37.62 43.74 49.60 76.01
5.0 26.74 32.01 36.72 45.13 52.66 59.91 92.63
10.0 47.32 57.29 66.31 82.51 97.24 111.32 175.49

apfter Koppula (1984).

10 kN/m?, a,=2 kN/m2?, and y=18.5 kN/m3. Determine the factor of
safety F for the slope.

50lution

From Eq. (5.47b)

_ S (e |
°R T 3 =g 2
u(o)
Referring to Table 5.3, for a slope 1V:3H and cR=2, the value of Ns
is equal to 22.55. From Eq. (5.46)

P, = [i%%gl]ys - [ITE%%TﬁT](ZZ'SS) = 1.25

5,7 STABILITY OF FINITE SLOPES WITH ¢-¢ SOILS--MASS PROCEDURE

Stability analysis of finite slopes made of e-¢ soils can be
primarily divided into two major categories: (a) mass procedure
and (b) method of slices. 1In the mass procedure, the mass of the
soil located above the probable sliding surface is considered as a
single unit. This procedure is very attractive when the slope is
made of homogeneous soil. In the method of slices, the soil lo-
cated above the probable sliding surface is divided into several
vertical slices and the stability of each slice is separately cal-
culated. In the following sections, several available methods for
the calculation of the factor of safety (FS) of slopes with mass

procedure will be discussed.
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5.7.1 Taylor’s Friction Circle Method

Taylor (1937) developed a method usually referred to as the
frietion circle method for the analysis of stability of homogeneous
slopes. This type of analysis can be classified under mass proce-
dure. It can be explained by referring to Fig. 5.18, in which 4B

(a) (b)

Figure 5.18. 'Stability analysis of a slope with e¢-¢ soil--Taylor's
friction circle method.

is a slope making an angle B with the horizontal. The soil consti-
tuting the slope is homogeneous with a unit weight vy, and its shear

strength can be defined by the equation
8 = ¢+o'tang

In Fig. 5.18a, BC is an arc of a circle with its center at 0.
The trial circle has a radius R. For stability analysis, following
are the forces per unit length of the slope on the trial failure

mass ABC:

1. The weight of the wedge ABC--W
2. The force due to the developed cohesion ey along the arc
BC, or
—

Cd = chC (5.48)
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where eq = developed cchesion

The resultant cohesive force along the slip surface BC is equal to
a force having a magnitude of Cé=chE (BC=length of the arc BC),
and it acts in a direction paralliel to the cord BC at a distance X
from 0. So

cilx = ch X = chCR =C

!
d
or

R (5.49)

allz)

3. The resultant of the normal and frictional force acting
along the potential sliding surface--F

Since the forces Cé, F, and W are in equilibrium, the line of

!
a- The

force F will make an angle of bq (developed friction angle) with

action of F must pass through the intersection of W and C

the radial line 0-0' which is normal to the slip surface. The line
of action of F will be tangent to a circle having a radius

r = k’Rsin¢d (5.50)

The value of k' is always greater than one. The lower limit of
k'=1 corresponds to a case in which the line of action of F is tan-
gent to the circle having a radius of

r = RSin¢d

This circle is referred to as the friction circle.

The value of k' is statically indeterminate and depends on
(a) the central angle BOC=6 and (b) the distribution of intergranu-
lar stress along the slip surface 4B. Taylor (1937) has determined
the value of k'’ for two cases: (a) uniform distribution of inter-
granular stress along the slip surface, and (b) sinusoidal distri-
bution of intergranular stress along the slip surface with zero
values at the ends. This analysis shows that for 6<50° the value
of k! varies within 5-10% and, hence, the assumption of the normal
stress distribution does not change the factor of safety calcula-
tion.

Since the magnitude of the force W is known and the directions
of W, Cé, and F are known, we can construct a force polygon as
shown in Fig. 5.18b from which the magnitude of Cé can be obtained.
Several trials can be made in this manner by taking different trial

surfaces to obtain the mimimum value of ¢} (for a given value of
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¢d). Using the friction circle method, Taylor (1937) has obtained
the critical values of NS=YH/cd for various values of ¢d and B.
Figure 5.19 shows the plot of l/IVS as obtained by Taylor (1937)
using the friction circle method.

. 7
AN/

60 ///
U

LA ey
WA

Slope aigle B (deg)

l/lVs

Figure 5.19. Variation of l/lVS with slope angle 8 and ¢d--friction
circle method (After Taylor, 1937).

Taylor's chart for stability numbers can be used in several

ways, and they are as follows!

1. If B8, ¢, and ¢ are known, the critical height (Hcr) of a
slope can be determined. Note that when H=H_. the value of Fs=1.
For such a problem, e=cy and $=d4- For known values of ¢ and B,
the value of Ny can be obtained from Fig. 5.19. Now
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B = —= (5.51)

2. If ¢, ¢, and B are known, the steepest possible slope (at
which FS=1) can also be obtained. For this case, H=Hcr’ e=cy, and
¢=¢d. We can calculate the value of v, as

With known values of Ns and ¢=¢d, the maximum value of B can be

easily obtained from Fig. 5.19.

3. If e, ¢, B, and # are known, the value of Fs can .be calcu-

lated by the following step-by-step procedure.
a. Assume several values of ¢di¢.

b. For each value of ¢d assumed in Step a, calculate the

value of F¢, or
_ tang¢

F¢ tancpd

c¢. For each value of o4 assumed in Step a and with the given
value of B, obtain vy from Fig. 5.19. So

vy o= Y2
S cd
or
= Y2
%q ]

d. For each value of eq obtained in Step c, calculate F., or

Fc =L
d
e. For any given value of ¢d’ Steps b and d provide us with
values of F¢ and Fc' Plot these values in a graph as shown in Fig.

5.20. The value of FS can be obtained for the case where Fc=F¢'

Using the above procedure, Singh (1970) has obtained the
values of F for various slopes. These results are shown in a non-
dimensional form in Fig. 5.21.

Example 5.6. For a slope with B=30°, H=45 ft, ¢=25°, ¢=600 1b/ft2,
and y=110 1b/ft3, determine the factor of safety F using the pro-

cedure outlined in Section 5.7.1.
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»
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Figure 5,20, Determination of FS from the F, vs. FC plot.
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Figure 5.21. Factor of safety contours based on friction circle
method (After Singh, 1970).
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Figure 5.21, (Continued).
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Figure 5.21. (Continued).
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Figure 5.21. (Continued).



374

Solution

The following table can now be prepared.

Assumed ¢d FS:EZEid NS cd:NZ FC=§E
(deg) (Fig. 5.19)  (1b/£t?)
25 1 T ETE=38.5 128.6  4.67
15 1.74 Fg5=20.0 247.5  2.42
10 2.64 g4 346.2  1.73
5 5.33 93 532.2  1.13

Figure 5.22 shows a plot of F¢ and FC as obtained from the above

table. From the figure

Figure 5.22,
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5.7.2 Cousins’ Stability Analysis (e-¢ SCIL)

Cousins (1978) has used a procedure similar to that adopted by
Taylor (1937) to determine the stability of simple homogeneous
slopes taking into consideration the effect of pore water pressure.
Figure 5.23 shows a slope with a trial failure surface which is an

Figure 5.23. Cousins' analysis of slopes with e-¢ soil.

arc of a circle with its center at 0. The radius of the trial
circle is equal to R. The forces on the soil located above the

trial failure surface are:

1. The weight of the soil--W

2. The force due to pore water pressure along the trial fail-
ure surface--U

3. The developed cohesion per unit area along the trial fail-
ure surface——cd

4., The intergranular effective stress per unit area along the
trial failure surface--o’. Note that, at any point, o' will be in-
clined at an angle ¥ (developed friction angle) to the normal

drawn to the failure surface.
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The distribution of o' along the failure surface was assumed
by Cousins to be of the following nature

. S . 278
o' = p151n(%§) + p251n(§%— (5.52)

where Py, P, = constants
The terms S (distance along the failure arc) and 6 in Eq. (5.52)
have been defined in Fig. 5.23.

The solutions for the factor of safety of slopes have been
presented by Cousins (1978) in graphical form, and these are given
in Figs. 5.24 and 5.25. 1In preparing the graphs, the following
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Figure 5,24, Variation of Ny with slope angle B for eritical toe
eircles: (a) ru=0; (b) ru=0.25; and (c) ru=0.5 (after Cousins,
1978). For definition of D, refer to Fig. 5.23.
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parameters have been used.
. YHtang
1. XC¢ —
where H = height of the slope
Yy = bulk unit weight of the soil
e = cohesion
¢ = soil friction angle
YHF
2. n_ = S
s e
where vy = stability number
F_ = factor of safety with respect to strength

S

c
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¢

(5.53)

(5.54)
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Figure 5.24, (Continued).

3. Depth factor D (as defined in Fig. 5.23)

4., Pore pressure ratio P The pore pressure ratio at any
point along a trial failure surface can be explained by referring
to Fig. 5.26. At a point P on the trial failure surface, the pore
water pressure can be given as

u = hy, (5.55)
The total vertical stress at point P is equal to
o, = Y2 (5.56)
where y = bulk unit weight of soil
2 = depth of soil above point P
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Figure 5.25. Variation of N_ with slope angle B for critvical
eirele with specified depth factors: (a) ru=O; (b) ru=0.25; and
(c) ru=0.5 (after Cousins, 1978). WNote: D=l; —=—~—~ p=1,25;
-—— D=1.5.

So, the pore pressure ratio at point P can be expressed as

u hYW
PU—_O:—‘YZ (5.57)

It needs to be pointed out that the pore pressure ratios shown
in Figs. 5.24 and 5.25 are the weighted average values for the
entire failure surface. Figures 5.27 and 5.28 are for the deter-
mination of the coordinates of critical slip circles. Figure 5.29
shows the origin for X and Y coordinates for use in Figs. 5.27
and 5.28 . The use of the charts are demonstrated in Example 5.7.
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Figure 5.25. (Continued).

Example 5.7. A slope is 30 ft in height. For the slope, given
B (slope angle)=30°, ¢=25°, ¢=175 1b/ft?, y=120 1b/ft3, and v,
(weighted average)=0.27. Determine:

a. The factor of safety F

b. The location of the critical circle (that is, X and Y)

Solution

Part a. Determination of factor of safety
According to Eq. (5.53)

A - YHtan¢ _ (120)(30)(tan25) _ 9
cd e 175

.58
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Figure 5.26., Definition of ry [Eq. (5.57)].
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Figure 5.27.
(a) r,=0;
_____ (x/#) tanp and —— (Y/H)tanB.

Check for the possibility of toe failure:

From Fig. 5.24b and 5.24c, for R=30° and AC =9.59,

ity numbers

¢

YHFS

NS= e *

23.5 (with D=1.04) for » =0.25

and

jH

N

s = 17.5 (with Dp=1.04) for » =0.5

So, by interpolation
N_ = 23.02 for » =0.27
s u
Check for the possibility of base failure:

From Fig. 5.25b and 5.25c, for $=30° and AC =9.59

%

Location of the center of eritical toe circles:
(b) ru=0.25; and (c) ru=0.5 (after Cousins, 1978).

Note:

the stabil-

-
E
5
‘
!
i
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Figure 5.27. (Continued).

=
7

24.5 (with D=1.0)} for ru=0.25
and

N
S

b3

17.5 (with p=1,0) for ru=0.5

By interpolation

v, = 23.94 for ru=0.27
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The smallest value of v for ru=0.27 is about 23.02 (toe failure).

So

=

]
P o= osS _(23.02)(175) _ 4 44

s ¥ (120) (30) B

Part b. Determination of location of critical circle.

Referring to Fig. 5.27b and 5.27c, for AC¢=9.59
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Figure 5.27.

X
EtanB

and
=tang
tanp
and

%tans

Hence, for

=tanf
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(Continued).
= 0.12
for toe circle and ru=0.25
= 1.15
= 0.15
for toe circle and ru=0.5
= 1.1
toe circle and ru=0.27
= 0.122
= 1.144

Y
Etans

So

(a)

(b)
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Figure 5.28. Location of eritical cireles with D=1: (a) ru=0,
(b) ru=0.25; (c) ru=0.5.(after Cousins, 1978). Note:=---—{(X/H)tanB
and (Y/H)tanB.

(0.122)H _ (0.122)(30) _ ¢ 34 £

£ = tanp tan30
_ (1.144)(30) _
Y Tanso 59.4 ft

5.8 METHOD OF SLICES

As mentioned before, in the method of slices the soil located
above the probable surface of sliding is divided into several ver-
tical slices, and the stability of each slice is calculated sepa-
rately. In the following sections, several available methods for
calculation of the factor of safety by the slice procedure will be

discussed.
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Figure 5.28. (Continued).

5.8.1 0Ordinary Method of Slices

This method is more useful when a slope consists of several
types of soil with different shear strength parameters, and also
when the pore water pressure variation in the slope is known or can
be estimated. The factor of safety against slope failure is deter-
mined by assuming the critical failure surface to be the arc of a
eircle. In order to explain this method, let us refer to Fig.
5.30., Figure 5.30a shows a slope ABC. The circular arc AB'D with
its center at 0 is a trial failure surface. The soil mass ABCDB'A
which is likely to fail is divided into several slices. These
slices are not necessarily of equal width. Now, let us consider
the forces per unit length of the slope (at right angles to the
cross section) acting on the nth slice which is shown in Fig.
5.30b. Note that, in this figure

W, = total weight of the slice
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5.27 and 5.28
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(b
n
Xn+1
E
n En+l
|
OLnl
Figure 5.30. Ordinary method of slices.
BB = total horizontal forces along the sides of the
slices
Xn’Xn+1 = vertical shear forces along the sides of the slices
Nn = total normal force at the base of the slice
T, = shear force at the base of the slice

The shear force T, can also be given by the equation

c+cﬁtan¢
T, o= s AL = <——F———) AL, (5.58)

S

where Sn = mobilized shear strength
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oL, = length at the base of the nth slice
¢,¢ = effective shear strength parameters of the soil

Foo= factor of safety

oﬁ = effective normal stress at the base of the slice

Note that
o

A (e Ui I
9n <ALn> Uy (5.59)

where u, = pore water pressure at the base of the slice

If the forces E ., E X and Xn+l are neglected, for equi-

n+l’ “n?
librium

¥ Moment of all forces about 0 = 0
or

Wx_ = TR (5.60)

where R = radius of the circular arc

Combining Eqs. (5.58), (5.59), and (5.60)

c+o/tang {e+[(Nn/ALn)-un]tan¢}
Woe, = (———?r———— ALnR = 7 (ALnR) (5.61)
s s
However, when En, 2 Xn, and Xn+1 are neglected

N = W_cosa
n n

So
) cALn+(Wncosan-unALn)tan¢
F_ =R (5.62)
S W_x
nn

However, it can be seen from Fig. 5.30a that

x_ = Rsina

n n
Combining the preceding two equations

eAL_+ (W _coso_-u_AL_)tan¢
7= n n n nn (5.63)

s W_cosa
nC n

The factor of safety for the entire sliding wedge can thus be
given as
m
eAL _+{W_cosa_-u_AL_)tan¢
Fo= n 'n n “n""n (5.64)

S =1 Wncosan
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Note that ZeAL =cRS. The minimum factor of safety against sliding
for a slope can be obtained by using Eq. (5.64) for several trial
failure surfaces and drawing contours of equal factors of safety.

5.8.2 Bishop’s Simplified Method of Slices

The value of Fg as obtained by using Eq. (5.64) is referred to
as the conventional, or ordinary, method of slices. Bishop (1955)
has shown that the error introduced by neglecting the forces B,

E and X is about 15%. The accuracy may be improved in

n+l? Xn’ n+l
the following manner.
When the forces En, En+1’ Xn’

summation of the vertical forces on the slice as shown in Fig.

and Xn+1 are not neglected, the

5.30b can be given as

Nncosan+Tnsina = W_+(X (5.65)

n n n_Xn+l)
However

= ’
Nn Nn+unALn

where Nﬂ = effective normal forces at the base of the slice
Combining the preceding two equations

Nﬂcosu = [Wn+(X

n —Xn+1)—Tn51nan—unAanosan] (5.66)

n
Also, the tangential force in Eq. (5.66) may be given as

eAL_+N'tan¢
_ nL_n
T, ————Ez—————— (5.67)

Combining Eqs. (5.66) and (5.67) yields

s} .

[Wn+(Xn-Xn+1)— F;ALn51nan—unAanosun]

= tan¢sinan (5.68)
coso._ +

n F
S

=S

Referring to Eq. (5.62)

? !
R{cALn+(Nn—unALn)tan¢] R[cALn+Nntan¢]

F_ = = i
S ann WnR51nan

!
cALn+Nntan¢
Wn51nocn

Substitution of the relations for Nﬂ given in Eq. (5.68) into Eq.
(5.69) yields
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. - cbn+(wn—unbn)tan¢ +(Xn—Xn+1)tan¢ (5.70)
S mu(n)wnSIHan
where bn = width of the nth slice = Aanosan
tan¢sinan
Mo(n) = cosa *+ 7 (5.71)

s
Bishop (1955) has shown that, if Xn_Xn+1
(5.70) will give about 1% error. Hence, neglecting the X X

is neglected, Eq.

n+l
term, the factor of safety for all slices combined can be given as

n=m
+ - n
) cbn (Wn unbn)ta ¢
F_ = (5.72)
S m W_sino
nel a(n)"n n

Determination of the factor of safety by using Eq. (5.72) is
generally referred to as the Bishop's Simplified Method of Slices.
In using this procedure, the following general guidelines should be
used:

1. Select a trial failure surface.
2. Divide the soil mass above the trial failure surface into
several slices.

3. Determine bn, oy W and Uy for each slice.

s

4. Assume a factor of gafety Fg to calculate Mo (n) [Eq.
(5.71)1.

5. Use Eq. (5.72) to calculate F.

6. If the F calculated in Step 5 is not the same as that
assumed in Step 4, assume another F and repeat Steps 4 and 5 until
Fs(assumed) is equal to Fs(calculated)‘

6. Repeat Steps 1 through 6 for other trial surfaces from

which the minimum FS is determined.

5.8.3 Bishop and Morgenstern’s Method of Slices

Bishop and Morgenstern (1960) used the equation for obtaining
the factor of safety of slopes (FS) by Bishop's Simplified Method
{Eq. (5.72)] to provide a number of useful charts in a nondimen-
sional form. In order to understand these charts, we refer to Fig.
5.31 for the definitions of the parameters. Note that the depth
factor D and the pore water pressure ratio ry is defined in a simi-
lar manner as in Section 5.7.Z.

According to Eq. (5.72)
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A
" Phreatic
_— surface
DH

Figure 5.,31. Bishop and Morgenstern's method of slices.

n=m
, - cbn+(Wn—unbn)tan¢ s
s ma(n)WnSinan
n=1
However
Wn = ybnhn (s.
and
“n
r, = ?%; (5.

Substituting Eqs. (5.74) and (5.75) into Eq. (5.73), the factor
safety can be given by the relation
n=m
b b h
= 1 e__n,. n.n
Fg = m b h }: [YHH YT7 (l—ru)tanq

= sina n=1
H n

"o (n)

&~

S
n=1 2

(s.

.73)

74)

75)

of

76)

It can be seen from the preceding equation that, for given values

of e¢/vH, ¢, and P the value of Fg depends on the geometry of the

sliding body if the pore water pressure is assumed constant

throughout. For steady state seepage condition, a weighted average

value of r, may be taken which may range up to a maximum of about

0.5. The averaging technique will at best overestimate the factor

of safety by about 7%.
The factor of safety Fg can then be given by an expression
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Fo o= m’—n'ru (5.77)

where m',n' = stability coefficients

The values of m’ and n' for various values of e/vyH#, D, ¢, and slope
angles (B) are shown in Table 5.4.

Table 5.4. Values of m' and n' [Eq. (5.77)]

A. Stability coefficients m' and n' for e¢/vyH=0

Stability coefficients for earth slopes

Slope 2:1 Slope 3:1 Slope 4:1 Slope 5:1
¢ m' n! m! n' m' nl ml Tl'
10.0 0.353 0.441 0.529 0.588 0.705 0.749 0.882 0.917
12.5 0.443 0.554 0.665 0.739 0.887 0.943 1.109 1.153
15.0 0.536 0.670 0.804 0.893 1.072 1.139 1.340 1.393
17.5 0.631 0.789 0.946 1.051 1.261 1.340 1.577 1.639
20.0 0.728 0.910 1.092 1.213 1.456 1.547 1.820 1.892
22.5 0.828 1,035 1.243 1.381 1.657 1.761 2.071 2.153
25.0 0.933 1.166 1.399 1.554 1.865 1.982 2.332 2.424
27.5 1,041 1.301 1.562 1,736 2.082 2,213 2.603 2.706
30.0 1.155 1.444 1.732 1.924 2.309 2.454 2.887 3.001
32,5 1.274 1.593 1.911 2.123 2.548 2.708 3.185 3.311
35.0 1.400 1.750 2.101 2.334 2.801 2.977 3.501 3.639
37.5 1.535 1.919 2.302 2.558 3.069 3.261 3.837 3.989
40.0 1.678 2.098 2.517 2.797 3.356 3.566 4.196 4.362

B. Stability coefficients m' and n' for ¢/yH=0.025 and 0=1.00

Slope 2:1 Slope 3:1 Slope 4:1 Slope 5:1

¢ ml n! ml n! m' n' m' 7’1.’
10.0 0.678 0.534 0.906 0.683 1.130 0.846 1.365 1.031
12.5 0.790 0.655 1.066 0.849 1.337 1,061 1.620 1,282
15.0 0.901 0.776 1.224 1.014 1.544 1.273 1.868 1.534
17.5 1.012 0.898 1.380 1.179 1.751 1.485 2,121 1.789
20,0 1.124 1.022 1.542 1.347 1.962 1.698 2.380 2.050
22,5 1,239 1.150 1.705 1.518 2.177 1.916 2.646 2.317
25.0 1.356 1.282 1.875 1.696 2.400 2.141 2.921 2.596
27.5 1.478 1.421 2.050 1.882 2.631 2.375 3.207 2Z.886
30.0 1.606 1.567 2.235 2.078 2.873 2.622 3.508 3.191
32,5 1,739 1.721 2.431 2.285 3.127 2.883 3.823 3.511
35.0 1.880 1.885 2,635 2.505 3.396 3.160 4.156 3.849
37.5 2,030 2.060. 2.855 2.741 3.681 3.458 4.510 4.209
40.0 2.190 2.247 3.090 2.993 3.984 3.778 4.885 4.592
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Table 5.4, (Continued).

C. Stability coefficients m'’ and n' for ¢/vyH=0.025 and D=1.25

Slope 2:1 Slope 3:1 Slope 4:1 Slope 5:1
¢ m! nl m! nl m' nl m' nl
10.0 0,737 0.614 0.901 0.726 1.085 0.867 1.285 1.014
12,5 0.878 0.759 1.076 0,908 1.299 1.089 1.543 1.278
15.0 1.019 0.907 1.253 1.093 1.515 1,311 1.803 1.545
17.5 1.162 1.059 1.433 1.282 1.736 1.541 2.065 1.814
20,0 1.309 1.216 1.618 1.478 1,961 1.775 2.334 2,090
22,5 1.461 1.379 1.808 1.680 2.194 2.017 2.610 2.373
25.0 1,619 1.547 2.007 1.891 2.437 2.269 2.897 2.669
27.5 1.783 1.728 2.213 2.111 2.689 2.531 3,196 2.976
30.0 1.956 1.915 2.431 2.342 2.953 2.806 3.511 3,299
32.5 2.139 2.112 2.659 2.686 3.231 3.095 3.841 3.638
35.0 2.331 2.321 2.901 2.841 3.524 3.400 4.191 3.998
37.5 2.536 2.541 3,158 3.112 3,835 3.723 4.563 4.379
40.0 2.753 2.775 3.431 3.399 4.164 4.064 4.958 4.784

D. Stability coefficients m' and n' for e¢/yH=0.05 and D=1.00

Slope 2:1 Slope 3:1 Slope 4:1 Slope 5:1
¢ ml VL’ ml nl ml Vl, m! nl
10.0 0.913 0.563 1.181 0.717 1.469 0.910 1.733 1.069
12,5 1.030 0.690 1.343 0.878 1.688 1.136 1.995 1.316
15.0 1.145 0.816 1.506 1.043 1.904 1.353 2.256 1.567
17.5 1.262 0.942 1.671 1.212 2.117 1.565 2.517 1.825
20,0 1.380 1.071 1.840 1.387 2.333 1.776 2.783% 2.091
22.5 1.500 1.202 2.014 1,568 2.551 1.989 3.055 2.365
25,0 1.624 1.338 2.193 1.757 2.778 2.211 3.336 2.651
27.5 1.753 1.480 1.380 1.952 3.013 2.444 3.628 2.948
30,0 1.888 1.630 2.574 2.157 3.261 2.693 3.934 3.259
32.5 2,029 1.789 2.777 2.370 3.523 2.961 4.256 3.585
35.0 2.178 1.958 2,990 2.592 3.803 3.253 4.597 3.927
37.5 2,336 2.138 3.215 2.826 4.103 3.574 4,959 4.288
40.0 2.505 2.332 3.451 3.071 4.425 3.926 5.344 4.668

Bishop and Morgenstern (1960) published the factor of safety
tables for various slopes for e/yH=0, 0.025, and 0.05. O'Connor
and Mitchell (1977) have given similar tables for ¢/yH=0.075 and
0.1.

In order to obtain the minimum value of Fg for sections not¢
located directly on a hard stratum, the following procedure may
be used.
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Table 5.4. (Continued).

E. Stability coefficients m' and »n' for ¢/y#=0.05 and D=1.25

Slope 2:1 Slope 3:1 Slope 4:1 Slope 5:1

¢ ml n! m! n' ml nl m! nl
10.0 0.919 0.633 1.119 0.766 1.344 0.886 1.594 1.042
12.5 1.065 0.792 1.294 0.941 1.563 1.112 1.850 1.300
15.0 1.211 0.950 1.471 1.119 1.782 1.338 2.109 1.562
17.5 1.359 1.108 1.650 1.303 2.004 1.567 2.373 1.831
20.0 1.509 1.266 1.834 1.493 2.230 1.799 2 643 2.107
22.5 1.663 1.428 2.024 1.690 2.463 2.038 2.921 2.392
25.0 1.822 1.595 2.222 1.897 2.705 2.287 3.211 2.690
27.5 1.988 1.769 2.428 2.113 2.957 2.546 3,513 2.999
30.0 2.161 1.950 2.645 2.342 3.221 2.819 3.829 3.324
32.5 2.343 2,141 2.873 2.583 3.500 3.107 4.161 3.665
35,0 2.535 2.344 3,114 2.839 3.795 3.413 4.511 4.025
37.5 2.738 2.560 3.370 3.111 4.109 3.740 4.881 4.405
40,0 2.953 2.791 3.642 3.400 4.442 4.090 5.273 4.806
F. Stability coefficients m' and n' for e/yH#=0.05 and D=1.50

Slope 2:1 Slope 3:1 Slope 4:1 Slope 5:1

¢ ml nl ml nl m! n! ml nl
10.0 1.022 0,751 1.170 0.828 1.343 0.974 1.547 1.108
12.5 1.202 0.936 1.376 1,043 1.589 1.227 1,829 1.399
15.0 1.383 1.122 1.583 1.260 1.835 1.480 2.112 1.690
17.5 1.565 1.309 1.795 1.480 2.084 1.734 2.398 1.983
20.0 1.752 1.501 2,011 1.705 2.337 1.993 2.690 2.280
22,5 1.943 1.698 2.234 1.937 2.597 2.258 2.990 2.585
25.0 2,143 1.903 2.467 2.179 2.867 2.534 3.302 2.902
27,5 2,350 2.117 2.709 2.431 3.148 2.820 3.626 3.231
30.0 2.568 2.342 2,964 2.696 3.443 3,120 3.967 3.577
32.5 2.798 2.580 3.232 2.975 3.753 3.436 4.326 3.940
35.0 3.041 2.832 3,515 3.269 4.082 3.771 4.707 4.325
37.5 3.299 3.102 3.817 3.583 4,431 4.128 5.112 4.735
40,0 3.574 3.389 4,136 3.915 4.803 4.507 5.543 5,171
1. Determine the slope angle B, ¢, and ¢/vH for the slope.

2. Estimate ry
3. Enter charts for D=1, 1.25, and 1.5 (and also for toe

circle if given) for proper values of ¢/yH and obtain m' and n'.

4.

of m’ and n' determined in Step 3 for various depth factors.

Calculate the values of Fo using Eq. (5.77) and the values



396

Table 5.4, (Continued).
G. Stability coefficients m'’ and »n’ for ¢/vyH#=0.075 and toe
circles
Slope 2:1 Slope 3:1 Slope 4:1 Slope 5:1
¢ m! n! m! n' m! n' m' n'
20 1.593 1.158 2.055 1.516 2.498 1.903 2.934 2.301
25 1.853 1.430 2.426 1.888 2.980 2.361 3.520 2.861
30 2,133 1.730 2.826 2.288 3.496 2,888 4.150 3.461
35 2,433 2.058 3.253 2.730 4.055 3.445 4.846 4.159
40 2.773 2.430 3.737 3.231 4.680 4.061 5.609 4.918
H. Stability coefficients m'and n' for ¢/yH=0.075 and D=1.00
Slope 2:1 Slope 3:1 Slope 4:1 Slope 5:1
¢ mlml 7’1, m! nl ml nl ml nl
20 1,610 1.100 2.141 1.443 2,664 1.801 3,173 2.130
25 1.872 1.386 2.502 1.815 3.126 2,259 3.742 2.715
30 2.142 1.686 2.884 2.201 3.623 2.758 4.357 3.331
35 2.443 2,030 3.306 2.659 4.177 3.331 5.024 4,001
40 2,772 2.386 3.775 3.145 4.785 3,945 5.776 4.759
I. Stability coefficients m' and n' for e¢/yH=0.075 and D=1.25
Slope 2:1 Slope 3:1 Slope 4:1 Slope 5:1
0 m! n'! m' n' m! n' m! n'’
20 1.688 1.285 2.071 1.543 2,492 1.815 2.954 2.173
25 2,004 1.641 2,469 1.957 2.972 2.315 3,523 2,730
30 2.352 2.015 2.888 2.385 3.499 2.857 4.149 3.357
35 2,728 2.385 3.357 2.870 4.079 3.457 4.831 4.043
40 3.154 2.841 3.889 3.428 4.729 4.128 5.603 4.830
J. Stability coefficients m' and n' for e¢/yH=0.075 and D=1.50
Slope 2:1 Slope 3:1 Slope 4:1 Slope 5:1
¢ m! 'VZ' m! nl ml Vl' m! nl
20 1.918 1.514 2.199 1.728 2.548 1.985 2,931 2.272
25 2.308 1.914 2.660 2.200 3.083 2.530 3.552 2.915
30 2,735 2,355 3.158 2.714 3,659 3,128 4.128 3.585
35 3,211 2,854 3.708 3.285 4.302 3,786 4.961 4,343
40 3.742 3.397 4.332 3.926 5.026. 4.527 5.788 5,185
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(Continued)

K. Stability coefficients m’ and n' for e¢/vy#=0.100 and toe
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circles
Slope 2:1 Slope 3:1 Slope 4:1 Slope 5:1
q) ml ?’L' m! ﬂ’ m' n! m! n'
20 1,804 2.101 2.286 1.588 2.748 1.974 3.190 2.361
25 2.076 1.488 2.665 1.945 3.246 2.459 3.796 2.959
30 2.362 1.786 3.076 2.359 3.770 2.961 4.442 3.576
35 2.673 2.130 3.518 2.803 4.339 3.518 5.146 4.249
40 3,012 2.486 4.008 3.303 4.984 4.173 5.923 5.019

L. Stability coefficients m' and n' for ¢/yH=0.100 and D=1.00
Slope 2:1 Slope 3:1 Slope 4:1 Slope 5:1
® m! nl m! VL, ml VL’ ml n!
20 1.841 1.143 2,421 1.472 2.982 1.815 3.549 2.157
25 2,102 1.430 2.785 1.845 3,458 2.303 4.131 2.743
30 2,378 1.714 3.183 2.258 3.973 2.830 4.751 3.372
35 2.692 2.086 3.012 2.715 4.516 3.359 5,426 4.059
40 3.025 2.445 4.103 3.230 5.144 4.001 6.187 4.831
M. Stability coefficients m' and n’ for e¢/yH=0.100 and D=1.25
Slope 2:1 Slope 3:1 Slope 4:1 Slope 5:1
¢ m! VZ' m! nl m' nl m! nl
20 1.874 1.301 2.283 1.558 2,751 1.843 3.253 2.158
25 2.197 1.642 2.681 1.972 3.233 2.330 3.833 Z2.758
30 2.540 2.000 3.112 2.415 3.753 2.858 4.451 3.372
35 2.922 2,415 3.588 2.914 4.333 3.458 5.141 4.072
40 3,345 2.855 4.119 3.457 4.987 4.142 5.921 4.872
N. Stability coefficients m' and n' for ¢/yF=0.100 and D=1.50
Slope 2:1 Slope 3:1 Slope 4:1 Slope 5:1
¢ ml nl m! 'Vl, ml nl m! n!
200 2,079 1.528 2.387 1.742 2.768 2.014 3.158 2.285
25 2,477 1.942 2.852 2.215 3.297 2.542 3.796 2.927
30 2.908 2.385 3.349 2.728 3.881 3.143 4,468 3.614
35 3,385 2.884 3,900 3.300 4.520 3.800 5.211 4.372
40 3.924 3.441 4,524 3,941 5.247 4.542 6.040 5.200
Note: Tables A through F after Bishop and Morgenstern (1960)

and Tables G through N after O'Connor and Mitchell (1977)
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5. The smallest value of F obtained in Step 4 is the criti-

cal factor of safety.

Example 5.8. A slope is 46.5 ft in height. Given slope 2H:1V, ¢=
20°, e=400 1b/ft2, y=115 1b/ft3, and ru=0.28. Determine the factor
of safety F by using Table 5.4.

Solution

c — —
- umy@e sy - 00075

Referring to Tables 5.4G, H, I, and J, the following table may be

prepared.
Toe circle , ’ ot ot
or D m n FS m'-n Pu
Toe circle 1.593 1.159 1.268
1.0 1.610 1.100 1.302
1.25 1.688 1.285 1.328
1.5 1.918 1.514 1.494
So
F. = 1.268
s

5.8.4 Morgenstern’s Method of Slices for Rapid Drawdown
Condition

Morgenstern (1963) used the Bishop and Morgenstern method of
slices (1960) to determine the factor of safety F during rapid
drawdown. The factor of safety charts given by Morgenstern (1963)
are shown in Figs. 5.32, 5.33, and 5.34. In these graphs, the fol-
lowing notations have been used

a. L=height of drawdown

b. H=height of the embankment

c. B=slope angle
In preparing Figs. 5.32, 5.33, and 5.34, it has been assumed that
the embankment is made of homogeneous material and rests on an im-
pervious base. It is also assumed that initially the water level
coincides with the top of the embankment, and during the drawdown
period dissipation of pore water pressure does not occur (Fig.
5.35). Also it is assumed that the unit weight of soil (saturated)
Y=2yw (Yw=unit weight of water). Morgenstern's charts cover a
range of ¢/yH=0.0125 to 0.05.
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Figure 5.32. Drawdown stability chart for ¢/yH=0.0125 (after
Morgenstern, 1963).

5.8.5 Spencer’s Method of Slices

Bishop's simplified method of slices as described in Section
5.8.2 satisfies the equations of equilibrium with respect ‘to
moment, but not with respect to the forces. Spencer (1967) has
provided a method to determine the factor of safety (FS) by taking
into account the interslice forces, which does satisfy the equa-

tione of equilibrium with respect to moment and forces. It is also
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Figure 5.33. Drawdown stability chart for ¢/y#=0.025 (after
Morgenstern, 1963).

assumed that the soil underlying the embankment is homogeneous and
has properties similar to the embankment itself. This method can
be explained by referring to Fig. 5.36, in which 4BC is a trial
failure arc of a circle (Fig. 5.36a). The center of the circle is
located at 0, and the radius of the circle is k. Figure 5.36b
shows the nth slice along with the forces acting on it. Note that

the width of the slice is bn, and it has an average height of hn.
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Figure 5.34. Drawdown stability chart for ¢/vy#=0.05 (after
Morgenstern, 1963).

The forces on the nth slice are

1. Total weight of the slice——Wn
2. Total normal reaction at the base—-Nn. The force ¥, con-
sists of two parts:
a., Effective force Nﬂ
b. Force due to pore water pressure, the magnitude of

which is equal to unbnsecun (u=pore water pressure). Hence
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Water table
v _Epforq_ﬂzgwdogg
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L
Water table
A 4 _..l_ __ _ after drawdown

-

; !
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Figure 5.35. Stability analysis for rapid drawdown condition.
= '
Ny m +unbnsecan (5.78)

3., The mobilized shear force at the base of the slice——Tn,

which can be expressed as

eb_seca_ + N'tan¢
n n n

T = 7 (5.79)

4., The interslice forces——zn and 2 Figure 5.36c shows

n+l°
the force polygon for the slice. Note that in Fig. 5.36c, 4, is

the resultant of Zn and Zn+1'

By resolving the above-mentioned forces in the horizontal and
vertical directions
eb_seco .
nF n +t;mp(wncosun—unbnsecan) - W, sina,
Q. = > 3 (5.80)
_ tang ) _
cos(ocn 6)[1+ ( Fs tan(un 0)

However

Wy o= ybnhn (5.81)
and

u, = r vh, (5.82)
where y = bulk unit weight of soil

ru'= pore pressure ratio

Substituting Eqs. (5.81) and (5.82) into Eq. (5.80), we obtain
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Figure 5.36. Spencer's method of slices.
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h h
1 n tan 1 n .
+—2- H— JF—S(P'(l—ZI’u‘*COSZQn) -7 TSanun
(5.83)
tang
cosancos(an—e)[1+ ( 7, ) tan(an-eﬂ

F YA

If the external forces on the embankments are in equilibrium

n=m
}: anose
n=1

It
o

(5.84)

n=m
2: Qnsine =0 (5.85)
n=1

Also, if the sum of the moments of the external forces about the
center of rotation O 1is zero, the sum of the moments of the in-
terslice forces about the center of rotation must be equal to zero,
or

n=m
2: o, [Rcos (o ~8)] = 0 (5.86)
n=1

However, since R is a constant

n=m
anos(an-ej =0 (5.87)

1

3
]

Spencer has shown that, if the value of 86 is assumed constant
for all slices (that is, n=1, . . . , n=m), it does not result in a
large error. So, Egs. (5.84) and (5.85) transform to

n=m

9, =0 (5.88)
=1

3

Now, several values of 8 can be chosen and the values of Fo
can be determined from Eqs. (5.87) and (5.88) and plotted in the
manner as shown in Fig. 5.37. The pointof intersection of the re-
sults obtained from Eqs. (5.87) and (5.88) as shown in Fig. 5.37 is
the actual factor of safety for the trial wedge which satisfies
the moment and force equilibrium equations.

Several trial wedges of this type can be considered and the
factors of safety determined. Based on the contours of equal fac-

tors of safety, the minimum value of Fg for the slope can be ob-
tained.
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(5.88)

»

8 (deg)

Figure 5.37. Solution for F for Eqs. (5.87) and (5.88).

Figure 5.38a, b, and ¢ show the plots of c/Fsyﬂ vs. slope

angle B as obtained by Spencer's method of slices. Note that, for

0.12
r =0 (a)

0.10
0.08 7
E‘ﬂ 0.06 —<] 12,/;1

S 64=10° L~ M

0.04 /,/ - ,,//
7 T
0.02 /////?fl}/zggf
// 267
| e

4 6 10 14 18 22 26 30 34
Slope angle B (deg)

Figure.5.38. Plot of c/FsyH vs, B for various values of ¢d (after
Spencer, 1967).
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these calculations, an average value of Ty has been taken (similar
to Bishop and Morgenstern's method). In these figure, ¢q is the
developed angle of friction, or

9q = tan”! (t_;&g

S

Figures 5.39, 5.40, and 5.41 can be used to locate the criti-
cal failure circles for a given slope. The notations for the

90 =T
Slope
1.5:1
[ A—2:1
- 3:1 and »
///_141 |/——B /;ggg
~ 70 ==
"?;0 / 1 = =
< :::;:ysr s
pa ]
[
go A/jfg/
< 50 //,/g m Mt A
o Slope
ff::gif\\\\\ 4:1p
a4 LN I
3:1
™ 2:1
1.5:1
30
2 10 20 100
vyHtand/e
(a)

Figure 5.39. Relationship between angles 4, B, and {yHtan¢ )/c:
(a) ru=0; (b) ru=0.25; and (c) ru=0.5 (after Spencer, 1967).

A and B and n and p have been defined in Fig. 5.42. It needs to
be pointed out that the broken lines in Figs. 5.39 and 5.41 are for
eritical toe circles which are not necessarily the most ceritical
eircles. The solid lines refer to the parameters relating to the
most critical circles.

Example 5.9. A slope is shown in Fig. 5.43a. Determine the factor
of safety of the slope (FS). Use Spencer's solution.
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v
7
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YHtand/c

(a)
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2 10 30
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(b)

Figure 5.40. Relationship between »n and (yHtan¢)}/c: (a) ru=0,
(b) ru=0.25, and (c) ru=0.5 (after Spencer, 1967).
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Figure 5.40. (Continued).
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Figure 5.41. Relationship between parameters D and {(yHtan¢)/c:
(a) ru=0; (b) ru=0.25, and (c) ru=0.5 (after Spencer, 1967).
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Figure 5.42. Definitions for parameters 4, B, n, and D used in
Figs. 5.39, 5.40, and 5.41.

=110 1b/ft3

$=25°
¢=600 1b/ft?
r,=0.25
B=20°
(a)
4
= 1
0
5
n 5
%]
N
53]
ey
2 )
F_=1.65
L5\
/
1 /‘/
/
/')fso
/
0 1 { 1 1 —»
0 1 2 3 4
Fs(calculated)
(b)

Figure 5.43,
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Solution

A table can be prepared with several values of F . as follows.

F e a 6 b 7 _tan
s (assumed) Fs(assumed)YH d s(calculated) tang
1.0 0.0727 10 2.645
1.5 0.0485 14.5 1.803
2.0 0.0364 17 1.525

=600 1b/ft?, vy=110 1b/ft3, H=75 ft
bErom Fig. 5.38b (for B=20°)

A graph can now be plotted with F and F

s (assumed) s(calculated) (as
shown in Fig. 5.43b). From this figure, when FS:1.65, the value of

is equal to F So, for this slope

Fs(assumed)
F_=1,65
s T a2

s(calculated)’

5.9 LIMIT ANALYSIS SOLUTIONS FOR SLOPES

The theories in the preceding sections that have been used to
determine the stability of slopes are based on the 1imit equili-
brium method. Iimit analysis solutions (Drucker and Prager, 1952)
can also conveniently be used for stability analysis. The upper
bound theorem of generalized theory of perfect plasticity has been
used by Chen, Giger, and Fang (1969) and Chen and Giger (1971) to
analyze the stability of slopes. According to the analysis of Chen
and Giger (1971), the failure surface is assumed to be the arc of a
logarithmic spiral as shown in Fig. 5.44. The logarithmic spiral

follows the relationship r=roeetan¢.

According to the upper bound
theorem, the slope would collapse if the external work done by soil
exceeds the rate of dissipation of internal energy. The rate of

external work done by the region ABDCA

w o= Wy - W, - g - Wy
4 + 4 4
Region Region Region Region
OBDO 0ABO 0ADO ACDA
= YQrg(fl“fz"fs"le) (5.89)

where fl,fz,f3,f4 = function of #, r B, B', a, 6 6y and L

o’ o’

Q

angular velocity of the region
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logarithmic
— spiral
Note: AB=L

Figure 5.44, Limit analysis solution of slopes.

(Note that OB=r and AB=L.) For example

- (H_\? sin(g-g") L L (H
f4 = (;:) 75inpsing [coseo-(;;)cosu- ?(ro (cotB'+cotBﬂ (5.90)

The internal dissipation of energy occurs along the surface of dis-
continvity BD. Equating % with the rate of dissipation of energy,
it can be shown that

Ho= SF(0,,0,,8") (5.91)

=<0

where
sinB'{exp[Z(eh—eo)tan¢]—l}

f(eh’eo’sl) = [ZSln(B'—a)tan¢(f1—f2—f3-f4){Sin(eh+u)

exp[(eh-eo)tan¢]—sin(60+u)} (5.92)

The function f(eh,eo,e') has a minimum and, hence, it indicates a
least upper bound when

3

_a_.g_= 0 (5.93)
o]

d

_a_,g*= 0 (5.94)

h
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5T = 0 ‘ (5.

The values of 6yr O and B' which will satisfy Egs. (5.93), (5.
»

and (5.95) will given the minimum value of f(Bh,eo,B'). Hence,

from Eq. (5.91)

YE -y (5
) s
where N, = min f(eh,eo,g’) (5.

The variation of 1/NS for various values of ¢ and B as ob-
tained by Chen and Giger (1971) for a=0 are given in Fig. 5.45.

needs to be pointed out that, for small values of scil friction
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95)

94)

.96)

97)

It

angle ¢, the most critical failure surface will pass below the toe

of the slope as shown in Fig. 5.44. For larger friction angles,
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Figure 5.45. Variation of 1/1VS vs. B for various values of soil
friction angle ¢--based on the limit analysis solution.
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the failure surface will pass through the toe.

Table 5.5 gives a comparison of 1/1VS as obtained from the
limit analysis results with those obtained from the friction circle
method (Section 5.7.1--Limit Equilibrium Solution). It can be seen
that the results obtained from these two methods compare well.

Table 5.5, Comparion of l/IvS (a=0)

Friction Slope 1/NS
angle ¢ angle 8 Limit analysis Friction circle
(deg) (deg) solution method?
0 15 0.181 0.145
5 15 0.0695 0.068
15 15 0.023 0.022
0 30 0.181 0.156
5 30 0.1095 0.110
15 30 0.046 0.046
0 45 0.181 0.170
5 45 0.136 0.136
15 45 0.083 0.083
0 60 0.1905 0.1908
5 60 0.1623 0.1618
15 60 0.116 0.116

%Based on Section 5.7.1
b

Based on Chen and Giger's solution (1971)

Chen, Snitbhan, and Fang (1975) used the limit analysis to
study the stability of slopes in anisotropic but homogeneous soil
assuming the failure surface to be the arc of a logarithmic spiral.
The results of this solution will not be presented here, and the
readers are referred to the original paper.

5.10 ESTIMATION OF DITCH SAFETY BY USING A CYCLOIDAL FAILURE
SURFACE

Equation (5.14) shows that the critical height, H. ., of a

slope with a slope angle B can be given as

_ 4c sinBcos
Hep = %2 Toolncoosy (5.14)

The preceding equation was derived on the assumption that the po-
tential failure surface ig¢ a plane and the soil mass above the

failure surface acts as a unit. For vertical cuts (B=90°), the
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above equation simplifies to the form

H., = (%ﬁ) tan(45+¢/2) (5.98)

Keeping in mind several collapses of open unsupported ditches
and the casualities associated with them, Ellis (1973) proposed a
conservative approach to evaluate the safety of ditch cuts. This
approach assumes that the critical failure surface is the arc of a
eyeloid. Figure 5.46 shows the basic parameters for the arc 04 of
a cycloid which is generated by the rotation of a circle of radius

R.. The equations for the arc of the cycloid can be given as

0 x
///" s\\ // 4? \\\ »
/ ™\ / R N
/ \ / \
[ \ | 6 ‘
| | !
! \
7
\ / \ R ;
/ \ /
N /7 Arc 4 i
\\\_ - “ of a [N
- cycloid (x,%)
v
2
Figure 5.46. Parameters of a cycloid.
x = R(6-sing) (5.99a)
and
z = R(l-cosé) (5.99b)

where 6 = angle of rotation of the circle between points 0 and 4

Now, consider a vertical unsupported cut as shown in Fig.
5.47. The height of the cut is H, and BC is a potential failure
surface, which is an arc of a cycloid. Let us also assume that
the soil above the failure surface will not necessarily act as a
solid mass, and also-any excess of shear strength at some point
along the failure surface will not balance the deficiencies of
shear strength at some other point below that. In Fig. 5.47, EFGJ
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N oy

Arc of a /|
cycloid | / .
¢ .
! 5 e
[ 90-a AT F.To el
anN *
daw
Figure 5,47, Vertical unsupported cut.

is an elementary strip of soil mass of width dzx.

The weight of the

strip per unit length at right angles to the cross section can be

given as
dW = vzdz (5.100)
where dW = weight of the strip
Y = unit weight of soil
Combining Eqs. (5.99a), (5.99b), and (5.100) gives
dW = y[R(l-cos8)]d[R(6-sin®)] = yR2(l-cosH)2d6 (5.101)

and

The normal and tangential components of dW can be expressed as

Normal component = dN = dWcoso

(5.102)

Tangential component = d7 = dWsina (5.103)

The angle o is defined in Fig. 5.47 and can be given as

o =tan~! (g%
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Combining Eq. (5.99) and the preceding equations for o

tano = %%%%%% (5.104)
or

sina = cos6/2 (5.105a)
and

coso = siné/2 (5.105b)

The effective normal stress (o’) and induced shear stress (1)
along the elementary length FG=dl can now be determined from Eqgs.
(5.101), (5.102), (5.103), and (5.105)

_ dN _ [YyR2(1-cos8)?delsinb/2
A a7 (5.106)
_dT _ [YR%?(1-cosB8)?df]cosb/2
=% - o (5.107)
However
di = \ (dz)?+(dz)?
From Eq. (5.99), dx=R(1-cos8)d6 and dz=Rsinbd6. So
dl = V(dz)2+(dz)2 = VIR(1-cos6)d8]2+ R2sin26(d6)?2
= 4R(sin6/2)d(6/2) (5.108)

Substitution of Eq..(5.108) into Eqs. (5.106) and (5.107) yields

o = 2Rysin"(8/2) (5.109)

T = 2Rysin3(68/2)cos(6/2) (5.110)

The maximum shear strength that can be mobilized along the
elementary length FG in Fig. 5.47 is

s = ec+o'tané
Substituting the relation for normal stress [Eq. (5.109)] into the
preceding equation, we get

s = ¢+2Rysin"*(6/2)tan¢ (5.111)

If the critical height H=H_, of a vertical cut is defined as

the height for which no point along the critical failure surface

hae a factor of safety of less than one, then
s = 1 (5.112)

Substitution of the relations for s and t [Eqs. (5.110) and (5.111)]
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into Eq. (5.112) yields
e¢+2Rysin*(8/2)tan¢ = 2Rysin3(6/2)cos(6/2)

or

R = g (5.113)

2y[sin3(8/2)cos(8/2) - sin%(8/2)tan¢]

From Eq. (5.99b)

R = —2— (5.114)

1l-cos8

Combining Eqs. (5.113) and (5.114)

2= & [ 1 ] (5.115)
Y Lsin(6/2)cos(6/2) - sin2(6/2)tané

For the critical value of 6 where z is a minimum

9

[e2)

From Eqs. (5.115) and (5.116)

6 =8 = 90-¢ (5.117)
So
s=p_ =2 1 ] (5.118)
cro v Lsin(6_/2)cos(8_/2) -sinz(ec/Z)tan¢

=0 (5.116)

The radius of the generating circle R for which z=H and 6=

cr

ec can be obtained from Egs. (5.99b), (5.117), and (5.118) as

B = Hc - Hc _ 2c|tan(45+¢/2) (5.119)
l-cosb_ = 1l-sing (1-sing¢) <t

Therefore, the induced shear stress at any point along the

critical slip surface can be obtained by combining Eqs. (5.110) and

(5.119), or

2Rysin3(8/2)cos(8/2)

2 (£2) v [H4RURTAL sins (/2)cos (6/2)]

-~
n

1]

1§

cos¢(l-sing)

In a similar manner, the mobilizable shear strength at any

4@[——il:§iﬂil——isin3(6/2)cos(6/2) (5.120)

point along the critical slip surface can be obtained by combining

Egs. (5.111) and (5.119), or
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[V}
It

e+2Rysin*(6/2)tan¢

e+2 (%ﬁo Y[Léﬂiiii&L;l]sin“(e/Z)tan¢

(1-sing)
= a[1+(4).—51n—¢— sin“(qJ/ZJ] (5.121)
(l-sin¢)?
Now, the factor of safety against sliding for the cut can be
given as
0[1+M—— sin‘*(e/Z):l

Fo= 9 2 (1-sing¢)?

s T

__(1+sing]) ..
4c[cos$(iigin¢) sin3(¢/2)cos(9/2)

- cos¢(1l-sing) +tan¢tan(6/2) (5.122)

4(1l+sin¢)sin3(8/2)cos(6/2)

Following is a step-by-step procedure to obtain the factor of

safety against sliding for vertical cuts in soil.
1. Determine v, ¢, ¢, and H

2. Determine 6 generated along the critical slip surface.
This can be done by using Eq. (5.99b) which gives

z = H = R(l-cosH)

or
cos1(1-4) = g (5.123)

For the critical slip surface [Eq. (5.119)]

5 - za[tan(45+¢/2)]
Yy { (1-sing)

Hence, from Eqs. (5.119) and (5.123)

o = cos'l[l - (B (J:_S_lﬂ)___ﬂ (5.124)

2tan? (45+¢/2)

3. With the value of 6 calculated from Eq. (5.124), determine
the value of Fo by using Eq. (5.122).

If the value of 6 calculated by using Eq. (5.124) is equal to
or less than 9C=90—¢, the factor of safety will be equal to or less
than-one, If e>ec, then the value of FS will be less than one,

It should be kept in mind that the factor of safety determined
by the above procedure is conservative because of the fact that it
gives the minimum factor of safety that occurs at any given point
along the critical slip surface. (In Fig. 5.47, this point is C.)
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In most stability analysis problems, the factor of safety would

have been given as (refer to Fig. 5.47)

_Js dil
L A (5.125)

Example 5,10, Consider a vertical cut with the following: H=2Z m,
v=17.5 kN/m3, ¢=16 kN/m?, and ¢=12°. Determine the factor of
safety of the cut by using the procedure outlined in Section 5.10.

Solution

From Eq. (5.124)
cos'l[l-(JzL)(,_iilfiﬂgl___>]
¢ 2tan? (45+¢/2)

g = cos'l[l_ (2)(17.5) (1-sinl2®) ]
. 2tan? (45+¢/2)

6

or

- 2.188)(0.792 -
= cos 1[1— ( 3?85 ll = cos™1(0.4318) = 64.4°

Note that 6=64.4°<ec=90°—¢=90°-12°=78°. Now, substituting 6=64,4°
and ¢=12° in Eq. (5.122) yields F5=1.4:

5.10.1 Calculation of the Side Slopes For Ditch With Deeper Cuts

As pointed out in the preceding section (Section 5.10), if the
value of 8 calculated by using Eq. (5.124) becomes more than 6.=
90-¢, the factor of safety calculated by using Eq. (5.122) will be
less than one. For the safety of the ditch against sliding, the
sides of the cuts should be inclined rather than vertical. This
subsection discusses the procedure for determination of the criti-
cal value of the side slope for which the value of F will be equal
to or more than one at any given point along the critical surface
of sliding as recommended by Ellis (1973).

Consider the side of a ditch of height F as shown in Fig.
5.48. BCD is the critical sliding surface. Let the height # be
greater than the critical height H_. [Eq. (5.118)1, and also let the
vertical distance between points B and ¢ on the critical sliding
surface be equal to #_ .. Hence, at point ¢ the value of Fs=1. Now,
if the slope is inclined, the factor of safety will increase from
one at ¢ to infinity at point D. The critical slope angle, Bcr'
can be determined in the following manner.

From Fig. 5.48, it can be seen that
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Q o<

Figure 5.48. Side slope for ditch for deeper cut.

- H
Bcr = tan 1(m‘r> (5.126)
where ' = R(8'-sinb ') (5.127)
x" = R(6"-sind") (5.128)

6'/,0” = final angle which the cycloid generating circle has ro-

tated to reach points ¢ and D, respectively

Substitution of Egqs. (5.127) and (5.128) into Eq. (5.126)
yields

= -1 H
Bcr tan [R(e"-e'—sine"+sine')] (5.129)

However, e'=ec=(w/2)—¢. Also, for critical failure surface [Eq.
(5.119)]

_ 2¢ tan(45+¢/2)
R = Y (1-s5in¢) (5.119)

Substitution of the above relations for ec and R into Eq. (5.129)

and simplification gives

- -1 [ By cos¢p(l-sing)
Ber tan [ - 2(1+sin¢)(e"-sine"—n/2+¢+COS¢)]

(5.130)
Following is a step-by-step procedure to calculate Bcr:
1. Determine vy, ¢, ¢, and H,

2. Determine 6" by using Eq..(5.124).

3. If ">90-¢, then H>H.,.. So calculate Bcy by using Eq.
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(5.129).

Example 5.11. Refer to Example 5.10. Other quantities remaining
the same, if H=3 m determine Bep:

Solution,

6 = COS—I[I—(—HL) M_L]
¢ 2tan?(45+¢/2)

So
p = c05'1[1_ l§)£17-5) 1-sinl2° ]
2tan? (45+12/2)
= Cos-l[l_ (3.28%?&?.792)] = cos-1(0.148) = 81.49°
However

8. = 90-¢ = 90-12 = 68°

So, 6>6C. Now, ©=81.49°=0", Substituting ¢=12° and 6"=81.49° in
Eq. (5.130) gives

Bcr = tan”! = lé7‘5 X
cosl2(l-sinl2)
2(l+sin12)[(I%6 81.49):sin81.49—ﬂ/2+(I§6 12)+c0512°ﬂ
= 87°
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APPENDIX A

The Pole Method for Finding
Stresses from Mohr's Circle

In geotechnical engineering, Mohr's circle is an extremely
useful tool for determination of stresses on a given plane in a
soil mass. The principles of Mohr's circle will be demonstrated
in this appendix.

Let 4BCD be a soil element as shown in Fig. A.1. The stresses
on the horizontal faces (4B and ¢D) of the element are:

Normal stress +0x

Shear stress +T

Similarly, the stresses on the vertical faces (40 and BC) are:

O'X
T
A y B
a
T
n T T
n
o g
Yy . Y
E
D 4 c
T
o)
Y
(a)

Figure A.1. The pole method for finding stresses along a plane.
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Figure A.1. (Continued).
Normal stress +0y
Shear stress -1

The sign conventions used for the stresses stated above are:

Normal stress +ve for compression
Shear stress +ve if they act on opposite faces
in such as way as to create coun-

terclockwise rotation

The above-mentioned stresses on the vertical and horizontal planes
of the soil element are presented in a graphical form as points
and ¥, respectively, in Fig. A.1b. In this figure

o - Sy "

If a circle is drawn with X as the center and X¥ as the radius
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it will be referred to as the Mohr's circle. Point ¥ represents
the stresses on the horizontal plane. So, if a line is drawn from
this point which is parallel to the plane on which the correspond-
ing stresses act (in this case, horizontal plane), it will inter-
sect the Mohr's circle at point P, which is called the pole. It is
a unique point for the stress conditions shown on the element ABCD
(Fig. A.la).

If we are required to find the stresses on a plane such as 4%
as shown in Fig. A.la, we need to draw a line from the pole which
will be parallel to 4£. This line is PR in Fig. A.1b. The coordi-
nates of the point of intersection of this line with the Mohr's
circle (point B in this case) will give the normal and shear

stresses on the required plane.
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APPENDIX B
Properties of Logarithmic Spirals
and Logarithmic Spiral Sectors

In the analysis of lateral earth pressure, bearing capacity of
shallow foundations, and stability of slopes, the entire or a part
of the failure surface in the soil is assumed to be the arc of a
logarithmic spiral. Following are some useful properties of loga-
rithmic spirals and logarithmic spiral sectors.

The general equation of a logarithmic spiral (Fig. B.1l) can

be given as

gtan
r=re ¢ (B.1)

Tangent

Figure B.1. Logarithmic spiral.
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where 6 = angle,

in radians

¢ = soil friction angle

Or

r_o_ eetan¢

Table B.1 gives the variations of r/ro with 6 and ¢.

Table B.1. Variation of r/ro with 6 and ¢
r/ro

8 ¢ (deg)

(deg) 20 25 30 35 40
0 1 1 1 1 1

10 1.066 1,085 1.106 1.130 1.158

20 1.135 1.127 1.223 1.277 1.340

30 1.210 1.277 1.353 1.443 1.552

40 1.289 1,385 1.496 1.63 1.796

50 1.375 1.502 1.655 1.842 2.080

60 1.463 1.63 1.831 2.082 2.408

70 1.560 1.768 2.025 2.352 2.786

80 1.662 1.917 2.239 2.658 3.227

90 1.771 2.080 2.477 3.004 3.736
100 1.887 2.257 2.739 3,394 4,325
110 2.011 2.448 3.029 3.836 5.008
120 2.143 2.655 3,351 4,334 5.797
130 2.284 2.881 3.706 4,897 6.712
140 2.434 3.125 4.099 5.534 7.770
150 2,593 3.390 4.534 6.253 8.996
160 2,763 3.677 5.014 7.0060 10.415
170 2.944 3.989 5.546 7.985 12.057
180 3.138 4,327 6.134 9.023 13.959

(B.2)

Another property of a log spiral is that, at any given point,

the radial line makes an angle ¢ with the normal drawn to the

spiral. This

The area
(Fig. B.2)
A = j’dA
2 .2
Z’l—l‘o

is shown in Fig. B.1,

of a sector of a logarithmic spiral can be given as

1

[%PO(Y’o@etaM)zde ) f

0

1

1,2
570

,20tans . 4o

(B.3)
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Figure B.2. Area of the sector of a logarithmic spiral.

- rg[(rl/ro)z—l]
4tan¢

or

) [(rl/ro)z-l]

= W (B4)

B
N

(o]

Figure B.3 shows the plot of A/rg with r;/r  and ¢.
The location of the centroid (Fig. B.4) of a sector of a loga-

rithmic spiral can be given as (Hijab, 1956)

. [ 4r tanf ] [(rl/roj3(3tan¢sin61—cosel)+1] 5.5)
L 3(9tan2¢+1) (rl/ro)z—l
- r 4r tand ] [(rl/ro)2—3tan¢sin91—c0581]
L 3(9tan2¢+1) (rl/ro)z—l
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Centroid

Figure B.4. Centroid of the sector of a logarithmic spiral.
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ApPENDIX C

Helical Anchors

In Chapter 3, the ultimate uplift capacity of helical anchors
has been discussed. The helical anchors provide resistance to the
uplifting loads on foundations. However, they can also increase
the compressive load bearing capacity of shallow foundations by
transferring load to the soil at greater depths at the soil-helix
interface., Figures C.1 and C.2 show photographs of helical an-
chors. Figure C.3 shows the installation procedure for a helical
anchor,

Figure C.1. Helical anchor with one helix. (Courtesy of A. B.
Chance Company, Centralia, Missouri, U.S.A.)



Figure C.2. Helical anchor with two helices. (Courtesy of A, B,

Chance Company, Centralia, Missouri, U.S.A.)

Figure C.3. 1Installation of helical anchor. (Courtey of A, B.
Chance Company, Centralia, Missouri, U.S.A.)

435
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INDEX
A Casagrande-Carrillo equation
Active earth pressure: for, 255, 356
coefficient, Coulomb, 26 foundation on e-¢ soil,
coefficient, Rankine, 16, 22 255-260
Coulomb's theory for, 23-29 foundation on sand, 249-251
definition for, 1 foundation on saturated clay,
for backfill with vertical 251-255
drain, 35-37 stability of clay slopes,
for wall translation, 50-54 356-362
graphical procedure for c-¢ At-rest force and resultant, 7-13
soil, 33-35 Axisymmetric excavations:
on walls with rotation about saturated clay, 84-86
top, 38-50
Anchors in sheet pile wall B
design, 108-109 Base failure, slope, 345
Anchored sheet pile wall: Bearing capacity factor:
computation pressure diagram experimental, 244
method for, 141-144 for eccentric load, 275
definition of, 107 for foundation on granular
fixed earth support method, trench, 319, 320, 321
150-156 for rigid rough base at shallow
free earth support method- depth, 278-281
clay, 146-149 Hansen's, 241
free earth support method- Lundgren and Mortensen's, 243
sand, 131-133 Meyerhof's, 231, 232, 236, 237,
moment reduction-clay, 148-149 238
moment reduction-sand, 135-136 Terzaghi's, 221, 222, 223
with sloping dredge line, Vesic's, 242
140-141, 142 Braced cut:

Anisotropic soil: Dubrova's solution, 40-43



pressure distribution, 39
Breakout factor:

horizontal anchors in clay,
194

horizontal anchors in sand,
184

vertical anchors in clay, 180

vertical anchors in sand, 173

C
Cantilever sheet pile wall:
definition of, 104-106
penetrating into clay, 126-131
penetrating into sand, 114-126
Casagrande-Carrillo equation for
anisotropic clay, 255,
356
Computational pressure diagram,
141-144
Concrete sheet pile, 104
Construction method, sheet pile
wall, 109-111
Coulomb's theory:
active pressure, 23-29
Culmann's graphical procedure,
31-33
graphical solutions for, 29-35
passive pressure, 63-65
Cousin's stability analysis,
375-386
Critical embedment ratio, 178
Critical height--slope, 347
Critical state friction angle,
180

D
Deep horizontal anchor:
in clay, 196-197
in sand, 184, 189-190
Deep vertical anchor:
in clay, 182
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in sand, 177-179
Deflection line--sheet pile, 151
Depth factor:
for foundation, 240
for slope, 352
Depth of tensile crack, 18
Design of:
cantilever sheet pile
penetrating into clay,
126-131
cantilever sheet pile
penetrating into sand,
114-126
Dubrova's solution:
for active pressure--rotation
about top, 40-42
for active pressure--
translation, 52-53

for passive pressure, 76-77

E
Earth pressuré coefficient:
active, 16, 22, 26
Jaky's equation, 3
passive, 58, 61, 62, 65, 66,
71, 72, 73, 76
Earth pressure coefficient at
rest:
correlation with dry unit
weight, 7
correlation with plasticity
index, 4
for normally consolidated soil,
4
for overconsolidated soil, 5-7
Earth pressure on shaft lining
in clay, 96-100
in sand--1limit equilibrium
solution, 86-88
in sand--Prater's method, 89-96
Eccentric loading--bearing
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capacity:
Meyerhof's method, 261
Prakash and Saran's method,

271-176
Purkayastha and Char's method,
270
Empirical pressure diagram--
braced cut, 49-50
Equivalent beam, 151

Equivalent free surface, 225
Equivalent width--vertical

167

Experimental results for passive
80

anchor,

pressure,

F
Factor of safety:
of slope--definition, 344-346
112-113

with respect to cohesion,

sheet pile wall,
345
345
344

with respect to friction,
with respect to strength,
Fixed earth support method,
150~156
Flexibility number, 135
Foundation above void, 322-325
Foundation on granular trench,
317-322
Foundation on layered soil,
286-315
Foundation on slope, 283-287
Free earth support method,

131-133, 146-149

G

General bearing capacity
237
General shear failure, 206

equation,

General wedge theory, 43-49

H

Helical anchor

204
in sand, 201-204
Heredity effect:

in clay,

sheet pile wall, 113-114

Inclination factor, 240

330

230,
329,
Interference of shallow
300

Interference factors,

foundations,

J

Jaky's equation, lateral earth
pressure coefficient, 3

L
Lateral earth pressure at rest:
coefficient of, 3
correlation with dry unit
weight, 7
definition of, 1
Lateral earth pressure due to
72
Load-displacement relationship,
vertical anchor, 174-176
207-208
72

strip load,

Local shear failure,

Log-sandwich mechanism,

Meyerhof's bearing capacity
theory, 224-237

P

Passive earth pressure:
by method of slices, 71,
by theory of plasticity,
by use of curved failure
surface, 65-70
coefficient of--Rankine, 58,
Coulomb's theory for, 63-65

definition of, 3

73-76
70-71

61



for inclined granular
backfill, 59-62

pole for, 57

Rankine's theory for, 56-62

Passive pole, 57

Peck's pressure diagram:

for braced cut, 50

Poncelet's graphical procedure,
29-31

Pore pressure ratio, 378

Prandtl's radial shear zone,

180

Punching shear coefficient,
303, 304, 310

Punching shear failure,

211
Progressivity index,
299,

208

Q

Quasi-rupture lines, 41

R

Rankine active pressure:
16, 22
definition of, 15

coefficient of,

18-23

Rendulic approximation,

on inclined wall,

50-52,
slip lines, 15

Rankine passive pressure:

58, 61

definition of, 57

coefficient of,

59-62

Rowe's moment reduction:
in clay, 148-149

135-135

on inclined wall,

in sand,

S

Scale effect,
Settlement:

244, 246

at ultimate load--shallow

210, 211

eccentric foundation loading,
274

foundation,

439

of shallow foundation, 335-339

165

Shape factor--shallow foundation:

239

274

rigid rough base at shallow
depth, 280, 282

Sheet pile:

SfP rupture surface,

centric loading,

eccentric loading,

concrete, 104
104, 105,
103
Sheet pile wall:

steel, 106

wooden,

construction methods for,
109-111

factor of safety for, 112-113

Slope failure:

343

Slurry trench in clay,

definition of,
81-84
Stability factor for slurry
trench, 82
Stability number--slope, 347
Stability of finite slope:
Bishop's simplified method,
390-398
clay slope, 350-356
365-386
ordinary method of slices,
386-390
plane failure surface, 346-350

mass procedure,

Spencer's method of slices,
399-411

T

Taylor's friction circle, 366-369

Tensile crack, 18

Terzaghi's bearing capacity
theory, 210-221

Toe failure, 345

Tschebotarioff's pressure
distribution--braced cut,
51



440

U

Ultimate bearing capacity:
depth factor for, 240
effect of water table on,
248-249
for eccentric loading, 260-277
for foundation on slope,
183-187
for rigid rough base at
shallow depth, 272-282
general equation for, 237
in aniostropic soil, 249-260
inclination factor for, 239,
240
layered soils, 286-315
Meyerhof's analysis for,
224-237
scale effect of, 244, 246
shape factor for, 239
Terzaghi's analysis for,
210-221
Terzaghi's factors for, 221,
222, 223
Ultimate load, vertical anchors
in clay, 180-183
Ultimate load, vertical anchors
in sand:
Meyerhof's theory, 171
Neeley, Stuart, and Graham's
theory, 172-174
Ovesen and Stromann's theory,
164-168
soil friction angle for,
179-189

Teng's procedure for, 162-163
Uplift capacity:
horizontal anchors in clay,
194-199
horizontal anchors in sand,
182-192

\)
Vertical anchor plate:
sheet pile wall, 108-109
Vertical anchor slab in clay:
breakout factor, 180
critical embedment ratio, 182
Vertical anchor slab in sand:
breakout factor, 173
critical embedment ratio, 178
deep, 161, 177-179
equivalent width of, 167-168
force coefficient for, 173
load-displacement relation for,
176-176
Meyerhof's theory for, 171
Neeley, Sturat, and Graham's
theory for, 172-174
Ovesen and Stromann's theory
for, 164-170
shallow, definition of, 161
Teng's procedure for, 162-163

w
Wall rotation:
active earth pressure, 37-38
passive earth pressure, 80

Wooden sheet piles, 103
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